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Preface

This book contains the papers presented at the 14th International Symposium on Tubular Structures (ISTS14)
held in London, UK, from September 12th to 14th, 2012. The Symposium, now regarded as the key inter-
national forum for the presentation and discussion of research, developments and applications in the field of
tubular structures, was organised by Imperial College London in collaboration with the International Institute of
Welding SubcommissionXV-E and theComité International pour leDéveloppement et l’Étude de laConstruction
Tubulaire (CIDECT). The 13 previous symposia, held between 1984 and 2010, are described in the “Publica-
tions of the previous symposia on tubular structures” section of this book. Throughout its 28-year history the
frequency, location and technical content of all the symposia has been determined by the IIW Subcommission
XV-E on Tubular Structures.
The Symposium was sponsored by CIDECT, Tata Steel Tubes, Vallourec & Mannesmann Tubes (V&M), s2

(space solutions) and Stalatube OY. It is their generous support that enabled the Symposium to take place and
made it possible to continue the tradition of allowing presenting authors of papers to attend the Symposium
without payment of registration fees.
A total of 95 technical papers, each of which has been reviewed by two international experts in the field,

are included in the proceedings. One of these papers relates to the invited ‘Kurobane Lecture’, given, at this
Symposium, by Prof. Xiao-Ling Zhao from theMonash University,Australia. Prof. Zhaowas selected by the IIW
Subcommission XV-E. The Kurobane Lecture is the International Symposium on Tubular Structures Keynote
Address which was inaugurated at the ISTS8 in 1998. The Symposium also featured a special session to mark
the 50th Anniversary of CIDECT, with structural and architectural contributions.
The editor would like to express his sincere gratitude to the reviewers of the papers for their hard work and

expert opinions. The editor also wishes to thank the international programme committee and the local organ-
ising committee. Particular thanks are owed to Katherine Cashell, Jeanette Abela, Ulrika Wernmark, Stephanie
O’Mahony and BettyYue for their much appreciated efforts.
The information provided in this publication is the sole responsibility of the individual authors. It does not

reflect the opinion of the editor, supporting associations, organisations or sponsors, and they are not responsible
for any use that might be made of information appearing in this publication. Anyone making use of the contents
of this book assumes all liability arising from such use.
The editor hopes that the contemporary applications, case studies, concepts, insights, overviews, research

summaries, analyses and product developments described in this book provide some inspiration to architects,
developers, contractors, engineers and fabricators to build ever more innovative and competitive tubular struc-
tures. This archival volume of the current “state of the art” will also serve as excellent reference material to
academics, researchers, trade associations and manufacturers of hollow sections in the future.

Leroy Gardner
Editor

Imperial College London
2012
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Hybrid hollow structural sections

X.L. Zhao
Department of Civil Engineering, Monash University, Clayton, Australia

ABSTRACT: This paper gives a summary of recent developments inHybridHollowStructural Sections (HSS).
They are in the form of: concrete filled HSS; concrete filled double skin HSS; FRP (fibre reinforced polymer)
strengthened HSS with/without concrete filling; FRP, concrete and HSS double skin sections. The existing
research, main findings and future work are presented.

1 INTRODUCTION

Different abbreviations were used in the literature to
describe various types of metal profile with a hollow
tubular cross-section, such as SHS for Square Hollow
Section, RHS for Rectangular Hollow Section, CHS
forCircularHollowSection,EHS forEllipticalHollow
Section, OHS for Oval Hollow Section and HSS for
Hollow Structural Section. The abbreviation “HSS”
is adopted in this paper to represent the general term
Hollow Structural Section.
HSS could be used together with other materi-

als to form hybrid HSS. For example, they could
be in the form of concrete filled HSS, concrete
filled double skin HSS, FRP (fibre reinforced poly-
mer) strengthened HSS with/without concrete filling,
FRP-concrete-HSS double skin sections.
There is an increasing trend in using concrete-filled

HSS in recent decades, such as in industrial buildings,
structural frames and supports, electricity transmis-
sion poles, spatial construction, high-rise or super
high-rise buildings and bridge structures (Zhao et al.
2010a).
It is well known that hollow structural sections

have many advantages over conventional open sec-
tions, such as excellent strength properties (compres-
sion, bending and torsion), lower drag coefficients,
less painting area, aesthetic merits and the potential
of void filling (Wardenier et al. 2010). Compared
with unfilled tubes, concrete-filled tubes demonstrate
increased load carrying capacity, ductility, energy
absorption during earthquakes as well as increased
fire resistance. For example, for a column with an
effective buckling length Le of 5m, mass of steel sec-
tion of 60 kg/m and concrete core strength of 40MPa,
the compression capacity increases about 50% due
to concrete-filling. The increase in rotation capac-
ity under pure bending due to concrete filling was
found to be 300% (Zhao and Grzebieta 1999). For
concrete-filled RHS subjected to large deformation
cyclic bending the failure modes changed from local-
ized cracking to an outward folding mechanism. The

fire resistance of unprotected CHS or RHS columns is
normally found to be less than 30 minutes (Twilt et al.
1996). Concrete filling can increase the fire resistance
up to 2 or 3 hours (Han et al. 2003a, Lu et al. 2010).
FRP (fibre reinforced polymer) has high strength

to weight ratio, resistance to corrosion and usually to
environmental degradation (Hollaway andTeng 2008).
While FRP has been widely used in strengthening air-
craft and more recently concrete structures (e.g. Teng
et al. 2002, Baker et al. 2002, Rizkalla et al. 2003,
Oehlers and Seracino 2004), it has not been widely
applied to steel structures.The knowledge of repairing
aircraft cannot be directly applied to steel structures in
the Civil, Offshore and Mining industry because the
materials used are very different. The existing knowl-
edge of CFRP-concrete composite systems may not
be applicable to CFRP-steel systems because of the
distinct difference between the debonding mechanism
of a CFRP-steel system and a CFRP-concrete system,
and the unique failure modes for steel members and
connections.
It has been shown (Hollaway and Cadei 2002, Zhao

and Zhang 2007, Schnerch et al. 2007) that FRP has
great potential to strengthen steel structures including
HSS. The benefit of using FRP together with hollow
structural sections is summarized in Table 1. It is clear
that FRP can improve the performance ofHSS in terms
of strength, ductility, energy absorption and fatigue
life.
The existing research, main findings and future

work on hybrid HSS are presented in this paper.

2 HOLLOW STRUCTURAL SECTIONSAND
CONCRETE

2.1 Concrete filled HSS

2.1.1 Existing research and main findings
2.1.1.1 General
The major research on CFST members and connec-
tions was summarized in CIDECT Design Guides
No.4 (Twilt et al. 1996), No.5 (Bergmann et al. 1995),
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Table 1. Improved performance of HSS due to FRP strengthening.

Configuration and FRP used
(Young’s Modulus) Improved performance Reference

CHS and RHS beams in
bending, CFRP sheet (from
50GPa to 270GPa)

• Increased moment capacity and ductility in general
• For circular hollow sections, slender sections
(which cannot reach first yield due to local
buckling) could become non-compact sections
(which can reach plastic moment capacity)

Haedir et al. (2009),
Photiou et al. (2006),
Seica and Packer (2007)

CHS and RHS columns in
compression, CFRP sheet
(230GPa) and GFRP
sheet (80GPa)

• Compression strength increases about 20% to 70%
if CFRP is used

• Compression strength increases about 5% to 10%
if GFRP is used

• Increased energy absorption under large
deformation compression force

Shaat and Fam (2006),
Bambach and Elchalakani
(2007), Teng and Hu (2007),
Haedir and Zhao (2011)

RHS subject to concentrated
forces through a bearing plate,
CFRP Plate (165GPa)

• Web buckling capacity of cold-formed
rectangular hollow sections (RHS) increases
about 1.5 to 2.5 times

• Web buckling capacity of aluminium RHS
increases up to 3.5 times

• Web buckling capacity of stainless steel RHS
increases up to 50%

Zhao et al. (2006), Wu et al.
(2012), Islam and Young
(2010, 2011)

RHS subject to concentrated
forces through a welded branch,
GFRP plate (12.4GPa)

Web buckling capacity increases about 50%. Fam and Aguilera (2012)

Welded VHS tubes in tension,
CFRP sheet (230GPa)

Recovered the full yield capacity, which was 50% lost
due to HAZ softening, of welded very high strength
steel tubes.

Jiao and Zhao (2004)

Welded aluminium K-joints under
static load, GFRP sheet (30GPa)
and CFRP sheet (79GPa)

• Recovered the full connection capacity of
aluminium K-joints if CFRP is used or about
80% connection capacity if GFRP is used.

• The retrofitted connection with GFRP
reinforcement achieved 1.17 to 1.25 times
the capacity of the welded aluminum
connection without any visible cracks.

Fam et al. (2006)
Pantelides et al. (2003)

Welded cross-beam connections
subject to fatigue loading, CFRP
sheet (230GPa)

Fatigue life extends to twice the original fatigue life. Xiao and Zhao (2012)

Welded aluminium K-joints
subject to fatigue loading, GFRP
sheet (30GPa)

The repaired connections exceeded the fatigue limit
of the aluminium welded connections with no known
cracks. The repaired connections with 90% of the
weld removed satisfied the constant amplitude fatigue
limit threshold.

Nadauld and Pantelides
(2007)

CFST columns, CFRP sheet
(65GPa)

• The static strength increased by 55% and 140%
when the number of CFRP layers was 2 and
4 respectively

• Increased ductility to resist cyclic loading

Xiao et al. (2005)

CFST columns, CFRP sheet
(247GPa)

Recovered certain compression strength of concrete-
filled tubes after exposure to fire

Tao et al. (2007a, 2008)

Hybrid FRP–concrete–steel
double skin columns, GFRP tube
(80GPa)

The local buckling of the inner steel tube is either
delayed or suppressed by the surrounding concrete,
leading to a very ductile response.

Teng et al. (2007)

No.7 (Dutta et al. 1998) and No.9 (Kurobane et al.
2005), Wang (2002), Nethercot (2003), Wardenier
et al. (2010) and Zhao et al. (2010a). A list of com-
prehensive references has been given in Zhao et al.
(2010a).A brief summary of the design of CFSTmem-
bers using different standards is given in this section

in terms of bending, compression, combined actions
and fire resistance.

2.1.1.2 CFST members in bending
The nominal moment capacity given in the fol-
lowing standards BS5400 (2005), AS5100 (2004),
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EC4 (2004), DBJ13-51 (2003) is based on simple
plastic theory although slightly different stress dis-
tributions are adopted. The difference in the nominal
moment capacities among the 4 standards mentioned
above is found to be less than 2.5% for some typi-
cal HSS and concrete (Zhao et al. 2010a). The design
capacity difference varies from 7% to 24%, which is
mainly due to different material property factors or
capacity factors adopted in different standards. The
nominal moment capacity for concrete filled CHS and
RHS beams can be estimated as follows:

where fy is the yield stress of HSS, fc is concrete
cylinder strength, d, D, B and t are defined in Figure 1.

2.1.1.3 CFST members in compression
Different standards (e.g. AIJ 1997, AISC 2010,
ACI 2002, BS5400, EC4, DBJ13-51) have differ-
ent approaches in dealing with the design of CFST
compressive section capacity, as shown in Table 2.
It was found by Zhao et al. (2010a) that the nominal

section capacity predicted byBS5400 is slightly higher
than those from AS5100 (2004), EC4, DBJ13-51,
whereas the difference in nominal capacities among
the other 3 standards is within 4% for some typical
sections. The difference between the design section
capacities varies from 1% to 20% among the standards
due to different material property factors or capacity
factors adopted in different standards.
For CFST column design the approach is very simi-

lar, i.e. section capacity (Ns) multiplied by a reduction
factor (ϕ).

Figure 1. Concrete filled Hollow Structural Section (HSS).

Different column curves are adopted in different
standards to determine the reduction factor ϕ which is
basically a function of column slenderness, except for
BS5400 where an extra reduction factor of 0.85 needs
to be considered. The column slenderness depends
mainly on the column length, boundary conditions
at column ends and yield stress. Some typical col-
umn curves are summarized in Zhao et al. (2010a).
The maximum difference in column design capacity
among the four standards mentioned above is about
10% to 20% for some typical sections.

2.1.1.4 CFST members subject to combined
bending and compression

The stress distribution in CFST members subjected
to combined bending and compression (also called
CFST beam-columns) has four typical cases corre-
sponding to various level of axial force versus the level
of bending moment. The four typical stress distribu-
tions determine four typical locations of the neutral
axis inCFSTbeam-columns,which in turn correspond
to the four key points (A, B, C andD) in the interaction
diagrams defined in Figure 2. The interaction diagram
for an unfilled HSS beam-column is also shown in
Figure 2 as a dashed line connecting points A and B.
The part CDB in the interaction diagram is unique for
CFST members due to the contribution of concrete.
Three straight lines (AC, CD and DB) are adopted

in Eurocode 4 to simplify the interaction diagram.
In DBJ13-51, a combination of a straight line (AC)
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Table 2. Design approaches for section capacity of CFST HSS.

Confinement
considered Concrete strength

Code Method (Yes or No) (Cube or Cylinder)

AIJ Superposition No Cylinder

AISC Equivalent steel section with modified yield stress No Cylinder

ACI RC method by converting steel tube into
equivalent “reinforced bars”.

No Cylinder

BS5400 Composite section with modified concrete strength Yes Cube

EC4 Composite section with modified concrete strength Yes Cylinder

DBJ13-51 Treat the whole section as one material with
modified stress

Yes Cube

Figure 2. Schematic view of interaction diagram.

and a curve (CDB) is adopted. In BS5400 it is spec-
ified that the maximum bending moment should not
exceed the ultimate moment capacity of CFST mem-
bers subject to pure bending. Therefore the interaction
diagram in BS5400 only consists of two parts (AC
which is a straight line for CFST RHS and a curve
for CFST CHS, and CB which is a vertical cut-off
line). The turning point C in EC4 and BS5400 has the
same value, whereas a different value is adopted in
DBJ13-51. DBJ13-51 also gives two separate interac-
tion diagrams, one for section capacity and the other
for member capacity in a non-dimensional format.
Design examples can be found in Zhao et al. (2010a).

2.1.1.5 Fire resistance of CFST columns
Three levels of assessment of fire resistance of unpro-
tected CFST columns were presented in CIDECT
Design Guide No. 4 (Twilt et al. 1995). Level 1 assess-
ment utilizes a simple design table to determine the
minimum cross-sectional dimensions, reinforcement
ratios and location of reinforcement bars to satisfy a
certain degree of utilization (μ) and fire resistance
(R30 minutes to R180 minutes). Level 2 assessment
utilizes the concept of a buckling curve for CFST

columns for different fire classes. It recommends a
buckling curve for given values of tube size, steel
grade, fire class, concrete grade and the amount of
reinforcement. The effective buckling length factor
of columns in braced frames is between 0.5 and 0.7
depending on the boundary conditions (Twilt et al.
1995). A conservative value of 0.7 may be used for
estimating the bucking length of columns on the top
floor and for the columns at the edge of a buildingwith
only one adjacent beam. The validity range of level 2
assessment can be summarised as follows: Fire classes
are R60, R90 and R120, Concrete grades C20, C30
and C40, CHS diameter d= 219 to 406mm and thick-
ness t= 4.5 to 6.3mm, SHS width B= 180 to 400mm
and thickness t= 6.3 to 10mm. Level 3 assessment
includes a complete thermal and mechanical analysis
with real boundary conditions.This is themost sophis-
ticated level. It requires expert knowledge and time in
handling necessary computer programs.
The preferred solution inChina to achieve sufficient

fire resistance is to use plain concrete-filled tubes with
external fire protection rather than using steel bar or
fibre reinforced concrete. The formulae in DBJ13-51
to calculate the thickness of fire protection materi-
als are based on the research by Han et al. (2003a,
2003b), which can be expressed as a function of fire
load ratio, fire resistance, perimeter of the column
and column slenderness. It was demonstrated by Han
and Yang (2007) that the protection thickness could
be reduced from 50mm (based on conventional code
for fire protection of steel columns) to 10mm (based
on DBJ13-51) for two high rise buildings: SEG Plaza
(291.6m in height) and Wuhan International Stock
Centre (242.9m in height) requiring 180 minutes of
fire resistance, due to concrete-filling.
An extensive research program was carried out in

North America on CFST HSS columns under fire
(Lie and Chabot 1990, Kodur and Lie 1996, Lie
and Stringer 1994, Kodur 1998, 1999), with three
types of concrete-filling, namely plain concrete, steel
bar-reinforced concrete and steel fibre-reinforced con-
crete.A formula was proposed (Lie and Stringer 1994,
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Kodur 1999) to calculate the fire resistance of CFST
columns as shown in Eq. (6).

where R is the fire resistance in minutes, f′c is the
specified 28-day cylinder concrete strength in MPa,
D is the outside diameter or width of the column in
mm, P is the applied axial load in kN, K is the effec-
tive length factor, L is the column length in mm and
f is a parameter that depends on the type of concrete
filling (plain, bar-reinforced or fibre-reinforced), the
cross-sectional shape (circular or square), the type of
aggregate (carbonate or siliceous), the percentage of
steel reinforcement (pr) and the thickness of concrete
cover. Values of the parameter f are summarized in
Table 7.5 of Zhao et al. (2010a).

2.1.2 Future work
The future work in CFST HSS is needed in the
following areas: (i) new materials such as stainless
steel tubes, high strength steel tubes filled with self-
consolidating concrete, geopolymeric recycled con-
crete and ultra high strength concrete (e.g.Uy2008, Lu
et al. 2009, Uy et al. 2011, Shi et al. 2012, Liew et al.
2012); (ii) new structural elements such as EHS, very
slender CFST columns, tapered CFST columns and
CFST fabricated section utilizing very high strength
steel tubes as corners (e.g.Yang et al. 2008, Zhao and
Packer 2009, Espinos et al. 2011, Han et al. 2010,
An et al. 2012, Mashiri et al. 2011); (iii) connec-
tions and frames (e.g. Kurobane et al. 2005, Nie et al.
2006, Herrera et al.2008, Han et al. 2008, 2009,Wang
et al. 2009); (iv) fatigue resistance of CFST joints (e.g.
Udomworarat et al. 2000, Gu et al. 2008, Tong et al.
2008, Mashiri and Zhao 2010); (v) earthquake fol-
lowed by fire (e.g. Song et al. 2012); and (vi) CFST
subject to impact and blast loading as well as progres-
sive collapse (e.g. Bambach et al. 2008, Fujikura et al.
2008, Remennikov et al. 2011, Qu et al. 2011, Kang
et al. 2012, Nethercot 2009).

2.2 Concrete filled double skin HSS

2.2.1 Existing research and main findings
Concrete filled double skin hollow structural sections
have four possible combinations of CHS and RHS as
the outer and inner tubes. Two examples are shown in
Figure 3.
Most of the existing research on CFDST has been

summarized in Zhao and Han (2006) and Chapter 9.4
of Zhao et al. (2010a).
The ultimate moment capacity of CFDST (MCFDST)

can be estimated using the sum of the section capacity
of an unfilled inner tube (Minner) and that of an outer
tube with concrete component, i.e.

where Mouter-with-concrete can be derived in a similar
manner as that for CFST, i.e. adopting simple plastic

Figure 3. Concrete filled double skin Hollow Structural
Section (HSS).

theory to find out the position of the neutral axis, then
adding the moment contribution of each force through
the cross-section. Formulae for MCFDST were given in
Zhao and Choi (2010) for four possible combinations
of CHS and RHS as the outer and inner tubes.
For CFDST sections in compression, local buckling

is delayed or eliminated, with a significant increase
in load carrying capacity and ductility compared with
those of the outer tube alone, as shown in Figure 4.The
section capacity of a CFDST can be estimated using
the superposition method; i.e. a sum of capacities of
the outer tube, inner tube and concrete.
For CFDST subject to combined bending and com-

pressive forces, the interaction formulae were derived
by Han et al. (2004),Tao et al. (2004).They are similar
to those given by Han et al. (2001) for concrete-filled
beam-columns. They were summarised in Chapter
9.4.2.3 of Zhao et al. (2010a).
If other conditions are kept the same, the fire

endurance of CFDST columnswas found to be slightly
better than tubular columns fully filled with concrete
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Figure 4. Typical behaviour of CFDST in compression
versus that of outer steel tube (adapted from Zhao et al.
2010b).

(Yang and Han 2008, Lu et al. 2010). This is mainly
because of the relatively low temperature in the inner
steel tube. Therefore the fire resistance of a CFDST
column could be conservatively estimated by treating
it as a CFST column.

Figure 5. Types of strengthening for Rectangular Hollow
Section (RHS) webs (adapted from Zhao et al. 2006).

2.2.2 Future work
The future work described in Section 2.1.2 for CFST
HSS equally applies to CFDST HSS with additional
references relevant toCFDST subject to dynamic load-
ing shown below: e.g. Nakanishi et al. (1999), Han
et al. (2006) and Corbett et al. (1990).

3 HOLLOW STRUCTURAL SECTION
MEMBERSAND FRP

3.1 CFRP strengthened RHS webs

Web crippling failure becomes critical at the loading
points or supports of beams where concentrated forces
are applied. Zhao et al. (2006) conducted a study on
FRP strengthening of cold-formed rectangular hollow
sections (RHS) subject to an end bearing force. Three
types of strengthening scheme were adopted as shown
in Figure 5.
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Figure 6. Typical load deformation curves for cold-formed
RHS 100× 50× 2 with various types of strengthening
(adapted from Zhao et al. 2006).

Typical load-deformation behaviour is presented in
Figure 6, which clearly demonstrates the increased
web crippling capacity and ductility.The main reasons
for the improved behaviour are the increased restraint
against web rotation and the change of failure mode
from web bucking to web yielding. Design formu-
lae were proposed (Zhao et al. 2006) to predict the
improved web buckling capacity, which are similar
to those for un-strengthened webs, but with reduced
effective length factor. Similar research was also con-
ducted on aluminium RHS and stainless steel RHS by
Wu et al. (2012) and Islam and Young (2010, 2011).
Recently Fam andAguilera (2012) carried out tests on
GFRP (glass fibre reinforced polymer) strengthened
RHS webs in a welded T-joint.

3.2 CFRP strengthened HSS in compression

Hybrid GFRP-CHS columnswere studied byTeng and
Hu (2007), whereas CFRP-CHS columnswere investi-
gated by Haedir and Zhao (2011). The “elephant foot”
buckling mode in CHS is delayed or eliminated by
FRP. More increase in ultimate load carrying capacity
was found with CFRP than that with GFRP.
Tests were carried out on hybrid CFRP-SHS

columns by Shaat and Fam (2006). Failure of
retrofitted SHS columns was via overall buckling fol-
lowed by secondary local buckling associated with
delamination and crushing of the CFRP. Bambach
and Elchalakani (2007) conducted quasi-static tests
on CFRP reinforced SHS under large deformation
axial compression.Multiple foldingmechanismswere
observed (see Figure 7) with an increased ultimate
strength and energy absorption. The FE work by Shaat
and Fam (2007) revealed that the axial strength of
CFRP-SHS columns is not sensitive to initial imper-
fection of SHS. Bambach and Elchalakani (2007)
applied a plastic mechanism analysis to reasonably
predict the unloading curves of such hybrid columns.

Figure 7. Typical failure mode of SHS and CFRP-SHS
subject to large deformation axial loading (Bambach and
Elchalakani 2007).

It should be noted that different combinations of longi-
tudinal and transverse fibreswere adopted in the above
studies.
The design of CFRP-SHS and CFRP-CHS columns

was presented in Bambach et al. (2009a) and Haedir
and Zhao (2011).

3.3 CFRP strengthened HSS in bending

Haedir et al. (2009) carried out tests on CFRP-CHS
beams in pure bending. Both longitudinal and trans-
verse CFRP sheets were applied. It was found that
the longitudinal CFRP layers contributed more to
the increase in moment capacity, whereas the hoop
layers played a more important role in restraining
or delaying the local buckling. Slender CHS could
become a non-compact CHS when strengthened by
CFRP. The rotation capacity of non-compact CHS
also increased significantly. Analytical models for
determining the ultimate moment capacity and for
predicting the moment-curvature response of CFRP-
reinforced steel CHS beamswere developed byHaedir
et al. (2011).The nonlinear model accounted for mate-
rial properties of the steel and CFRP, volume fractions
of the fibre and adhesive, amount of CFRP, and awider
range of section slenderness. Design rules for pre-
dicting the strength of composite CHS under bending
were also proposed (Haedir and Zhao 2012). Similar
work was done by Seica and Packer (2007), where
curing of the specimens was performed both in air and
in seawater. A slightly lower increase in the ultimate
moment capacity was observed for specimens cured
in seawater.
Photiou et al. (2006) conducted a study on CFRP

and GFRP strengthening of artificially degraded steel
RHS beams.The degradingwas done throughmachin-
ing the thickness of the tension flange. All the
upgraded beams reached the plastic collapse load of
the original undamaged RHS beams. It was recorded
that the steel beams can be deformed well into their
plastic regions. However it is difficult to quantify the
achieved rotation capacity since the non-dimensional
moment-curvature curves were not reported in the
paper.
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3.4 Future work

There is a need to conduct more tests to cover wider
ranges of parameters, such as steel tubular section
sizes, CFRP modulus, adhesive types and thickness.
There is a lack of detailed FE simulation of web buck-
ling with FRP strengthening (Fernando et al. 2009).
More research is needed to understand the behaviour
of FRP strengthened HSS subject to impact and blast
loading (Bambach et al. 2009b), as well as harsh
environmental conditions (Seica and Packer 2007).

4 HOLLOW STRUCTURAL SECTION JOINTS
AND FRP

4.1 CFRP strengthened welded VHS joints

There is a significant (up to 50%) strength reduction
in the HAZ (heat affected zone) of very high strength
(VHS) tubes after welding. Jiao and Zhao (2004)
investigated the behaviour of CFRP strengthened butt-
welded VHS tubes. Significant strength increase was
obtained for CFRP strengthened butt-welded VHS
tubes. The full yield capacity of VHS steel tubes was
recovered when the bond length reachedabout 50mm.

4.2 FRP strengthened aluminium CHS K-joints

Welded aluminumK-joints with different damage lev-
els (e.g. about 25%, 65% and 100% of the total welded
length) were repaired by using GFRP (Pantelides et al.
2003). The repaired joints with a damage level up to
65% reached capacities about 20% higher than those
without cracks,whereas the repaired jointswith a dam-
age level of 100% recovered 95 to 99% of the original
capacity. A similar study was carried out by Fam et al.
(2006) on using CFRP and GFRP to repair cracked
welded aluminum K-joints with a damage level of
90%. The full strength of the welded joints could be
restored if CFRP was used, whereas about 80% of the
capacity was restored by using GFRP.
Nadauld and Pantelides (2007) studied the fatigue

performance of GFRP-strengthened aluminium K-
joints with partially fractured branch-to-chord welds.
The repaired joints exceeded the fatigue limit of
the welded aluminium K-joints without damage. The
same type of K-joints with 90% of the weld removed
were repaired using GFRP. Such repaired joints sat-
isfied the constant amplitude fatigue limit threshold.
A cumulative damage index was established which
led to a fatigue reduction factor for the rehabilitation
design of cracked aluminum connections using GFRP
composites.

4.3 Future work

There is a need to develop strengthening techniques for
various types of welded HSS joints subject to fatigue
loading, such as cross-beam joints (Xiao and Zhao
2012), cast steel to HSS joints. Theoretical modeling
and numerical simulation are also necessary.

5 HOLLOW STRUCTURAL SECTION,
CONCRETEAND FRP

5.1 CFRP strengthened CFST

Xiao et al. (2005) studied CFST columns confined
by CFRP at critical locations to avoid plastic hinges,
hence soft storey behaviour, under earthquake load-
ing. A gap (made with 1-mm-thick soft foam tapes
affixed on the surface of the steel tube) was intro-
duced between the CFRP and the tubular column to
delay the engagement of the CFRP, to achieve both
increased strength and ductility. The work on using
CFRP to strengthen CFST SHS and CHS columns is
still very limited although attemptsweremade by some
researchers (Tao et al. 2007b, Sun et al. 2008, Park et al.
2010). Research has been undertaken (Tao et al. 2008)
to determine the effectiveness of using FRP compos-
ites to repair damaged CFST columns, particularly for
damage due to fire exposure. These results revealed
that CFRP gave reasonable repair for specimens with
a low level of exposure to fire.

5.2 Hybrid double skin section

Teng et al. (2007) developed a hybrid FRP–concrete–
steel double-skin tubular column (see Figure 8 for
an example). The test results confirmed that the con-
crete in the new column is very effectively confined
by the two tubes and the local buckling of the inner

Figure 8. Schematic view of FRP-concrete-steel double
skin section, e.g. CHS FRP as outer tube and steel CHS as
inner tube (adapted from Teng et al. 2007).
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steel tube is either delayed or suppressed by the sur-
rounding concrete, leading to a very ductile response.
When such hybrid sections are used as beams, the inner
steel tube could be shifted towards the tensile side (see
Figure 8(b)). Such beams were found to have a very
ductile behaviour. The GFRP tube enhances the struc-
tural behaviour by providing both confinement to the
concrete and additional shear resistance.

5.3 Future work

More tests are needed on FRP-CFST columns and
FRP-concrete-HSS hybrid columns with wider ranges
of parameters. There is a need to develop analytical
models, numerical simulation and a design guide for
such hybrid sections under static and dynamic loading
(Shan et al. 2007).

6 CONCLUSIONS

This paper has presented a summary of recent devel-
opments in hybrid hollow structural sections (HSS)
in the form of: concrete filled HSS; concrete filled
double skinHSS; FRP strengthenedHSSwith/without
concrete filling; FRP, concrete and HSS double skin
sections.The benefits of hybridHSS include increased
strength, ductility, fire resistance, energy absorption
and fatigue life. The existing research, main find-
ings and future work for each type of HSS have been
described. A comprehensive list of references in this
field has been given.
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ABSTRACT: The aesthetics of tubular structures are a major contribution to their architectural image, but
as designers strive for a heightened spatial enlightenment, designs are requiring ever more complex structural
solutions and high standards in their elements and components. New designs are helped by combinations of
intelligent detailing, by the application of computerized 3D design, by engineering improvements in materials,
by fabrication techniques and by assembly procedures. More attention is now paid to the integration with other
components of the building, such as roof cladding, glass façades, panelled walls, climate installations, etc. The
building as a technical artefact becomes increasingly complicated in its making and in its functioning. In the
last decades Western European architectural ideas have been received with high expectations around the world.
The computer and the internet have changed the behaviour and potentialities of architects. In earlier days it were
books only to stimulate getting acquainted with foreign architecture, assisted by glossy magazines. The internet
sites have even accelerated this. But the core of the developments is forced by design in tubular structures.When
seen over a longer period, certain changes are apparent.

1 1991 STANSTEDAIRPORT TERMINAL
BUILDING, NORMAN FOSTER

The design of the Stansted Airport Terminal build-
ing is overwhelmed by the spreading arms of the roof
structure, which is based on 36 modules in tubular
structure. The outside modules are standing trees of
tubular structure, which keep up intermediate roof
modules of the same size that are connected along
their edges. The 4 spreading arms carry the perime-
ter of a tubular triangulated framework shell visible as
a vaulted ceiling. During the construction the 4 arms
were held together by ties, which are connected in a
very crucial joint, on the site called the ‘Jesus joint’.
The primary tubular structure module is concentrated
on ground level of the terminal in 4 CHS columns,
welded in a majestic framework, which penetrates the

Figure 1. Stansted Airport, London.

lower stories through voids. The roof structures are
clad inmetal, but the tops are covered in glass to obtain
overhead daylight of the terminal space, softened by
perforated metal sheeting. The large overhead volume
gives the building the feeling of one unifying space
with smaller activities.

2 1991 AIRPORT PASSENGER TERMINAL
STUTTGART, GERKAN, MARG UNDER
PARTNER

The sloped roof of this terminal building is supported
by a forest of steel trees, which are composed of circu-
lar tubes in a tree-like arrangement of stems, thicker

Figure 2. Passengers Terminal, Stuttgart.
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and thinner branches that finally hold up the roof. The
structure is characterised by welded intermediate steel
castings to make a streamlined and natural transition
from the smaller tubes into the thicker tubes and finally
into the lower stems.

3 1992 ELALAMILLO BRIDGE, SEVILLE,
CALATRAVA

The prominent harp-like suspension bridge by Santi-
agoCalatravawas built for theOlympic games of 1992
in Barcelona. The bridge was held up by 13 guy cables
attached to the prominent andpurposemade steel tubu-
lar section.The actual counterbalance to the cables and
loads from the deck and cables is formed by filling the
steelmastwith concrete.Mainly the upper half acts as a
counter ballast. Dutch architect Ben van Berkel would
later (1996) design a similar cable stayed bridge in
Rotterdam, the Erasmus bridge or ‘The Swan’, which
is more facetted in form, made as a purpose made
hollow section and instead of deadweight the counter
balance was brought by two mayor stabilising cables
at the back.

4 1993 WATERLOO INTERNATIONAL
TRAIN TERMINAL, LONDON,
NICOLAS GRIMSHAW

Thehigh speed terminal train station nears the centre of
London was designed by Nicolas Grimshaw as a large
urban shed and inaugurated in 1993. The form the the
structure had to follow the rails, which are in London
partly historic and partly quite condensed and unavoid-
able curved in plan. In cross section the structure is a
truss with three pins. The left truss has a suspended
cladding, the other half an upper cladding. Cladding is
in metal decking and glass. The form of the roof circu-
lar in planwith a large radius and the cross sectionwith
many different corners resulted in a construction sys-
tem that had flexibility in form to allow for all possible
geometrical deviations. Recently the Eurostar ceased
to frequent Waterloo.

Figure 3. El Alamillo Bridge, Seville.

5 1994 KANZAI AIRPORT TERMINAL,
OSAKA, RENZO PIANO, OVEARUP

This airport in an densely populated urban area has
been built on an artificial island, of which the under-
ground was expected to deform considerably. This has
been taken into account in the engineering plans of
layout, schemes and details.
The architect’s plan for a long building and over-

viewable terminal volume resulted in a king-size hall
where departure and arrivals are separated horizon-
tally. The tubular steel structure in an elegant arched
form hovers over space. The structure itself has ele-
gant details, some of them were made in cast steel and
welded.
The three-dimensional trusses govern space, and

between them are ceiling membranes in a similar
shape, which lead the flow of air through the volume.
The details of the building have been set on rubber
bearings. Other precautions were taken as compen-
sations against earthquakes. The Kobe earthquake of
1995 did no damage at all and the terminal complex
emerged unscathed.

Figure 4. Waterloo station, London.

Figure 5. Partial façade Kanzai Airport.
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6 1996 NEUE MESSE LEIPZIG, GERKAN
MARG UND PARTNER, IAN RITCHIE

A 90 meters span tubular structure in which the main
trusses span in the 90m span direction above the glass
cladding below. The cladding is suspended via tubular
purlins in 2 directions from which the spiders are con-
necting the laminated clear glass panels. The height of
30m caused a natural flow of air to ventilate as a chim-
ney through space. Lower entrance ventilation, upper
ridge exhaust ventilation.

7 1997 FREMONT STREET EXPERIENCE,
LAS VEGAS, JON JERDE

A glass clad regular space frame in the form of a cylin-
drical barrel vault that easily could have span with the
space frame alone.
The lower chord of the space frame has been

enriched with a light penetrating sun screen, which
unifies the space frame, takes the technical charac-
ter down a bit. One wonders why tubular columns are
at all positioned underneath a cylindrical space frame
vault? The reason is more architectonical than func-
tional/technical. The indoor atmosphere increased.

Figure 6. Interior passenger Terminal Kanzai Airport.

Figure 7. Neue Messe, Leipzig.

8 1997, STADE DE FRANCE, PARIS, MZRC

This tubular structures roof acts structurally as a saucer
which is suspended upward and stabilised downward.
From the outside it is a flat saucer.The interior displays
a grid of CHS profiles, interconnected. the grid of flat
trusses continues over the free playing field and hardly
gives any shadow and covering. The floating character
of this stadium overwhelms the A1 drivers alongside
the building.

9 1998 LAW COURTS BORDEAUX,
RICHARD ROGERS

A rather traditional set-up of trusses on columns
with barrel-vaulted undulating roofs in between tem,
mainly in tubular structures but now is a complex late-
modern building with stone covered lower floors in
concrete and upper volume in tubular steel enveloped
with glass. Detailing is modern and state of the art.
The conical space contains a court room. HighTech in
an urban environment.

Figure 8. Fremont Street, Las Vegas.

Figure 9. Interior State de France, Paris.
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Figure 10. Law Courts, Bordeaux.

Figure 11, 12. Oriente station & shopping centre, Lisbon.

10 1998 ORIENTE TRAIN STADIUM, LISBON,
CALATRAVA

This train station has a minority in circular tubes and
a majority of specially made steel ribs. Visually very
much attraction looking and at the time of the Expo of
Lisbon itwas the entrance to theworld.Thewelcoming
gesture speaks for itself. The adjacent shopping centre
continues the spatial experience.

11 2000 EDEN PROJECT, NICOLAS
GRIMSHAW

The covering of the Eden project in Bodelva, Corn-
wall UK, contains two large greenhouses where public
botanical gardens are located. The geometry of the
domes is derived from regular polyhedra, intersecting
in this case as giant soap bubbles. The space frames
used are quite regular thanks to the Pre-High-Tech
studies of the late Richard Buckminster Fuller. The

Figure 13. Eden Project, Cornwall.

Figure 14. British Museum, London.

lengths of the space frame members varies around 4 to
5 metres. The cushions have a diameter of 4 to 9 metre
diameter. Cushions are made as triple layered ETFE
cushions, with two air-inflated chambers.

12 2000 BRITISH MUSEUMATRIUM ROOF,
LONDON, NORMAN FOSTER

The inner courtyard of 92× 72 metres with the ellipti-
cal, slightly asymmetrically positioned Library. In this
buildingKarlMarxwrote his ‘DasKapital’as he could
not afford a private writing place.This atrium covering
has the form of a squared asymmetrical donut and has
been designed, engineered and made on site as a shell
grid of a triangulated single skin space frame.
Because of the visual flow of material elements and

glass panels, the path was chosen for a strong bur sim-
ple single layer of RHS square hollow sections. They
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Figure 15. Millenium Dome/O2 Dome, London.

were welded on site on the RHS profiles, after having
been positions exactly in situ by 3D surveying appara-
tus. Quite in contradiction to the development in space
frame world, this space frame was not regular or repet-
itive. That is the reason why all corners were snubbed
off in a workshop off-site, coded and positioned and
clicked on place. Only after the positioning of all tubes
the welding could begin, which had to take care of
many distortions in the overall shell.

13 2000 MILLENIUM DOME, LONDON,
RICHARD ROGERS, BURO HAPPOLD

The Millennium Dome was a public project to show
British awareness of the turn of the century. Like the
Millennium bridge it attracted a lot of attention. It
became world’s largest tent structure. Prominent fea-
tures are the tubular mast poles sticking out of the
Teflon coated membrane fabric. Diameter of the dome
is 365 meter. Long after the change of millennium the
dome got another function: called the O2 dome after
the sponsoring telecom company, it serves now as the
temple for pop artists. Michael Jackson contracted 50
shows ‘This is it’here, but deceased someweeks before
the start.

14 2001 MEDIATHEQUE SENDAI, MIYAGI,
JAPAN, TOYO ITO

A five stories public building made of steel structures
by a ship building company, with characteristic tubu-
lar columns, all in a different but outstanding form.
Through these tubular circles of columns stairs and
elevators are designed. This vertical traffic gives a
unobstructed view of the different stories.

15 2003 TOWN HALLALPHENAAN DE RIJN,
NL, ERICKVAN EGERAAT

This first official Dutch and permanent Free Form
building has a very irregular shape, yet almost all
elements and components in its geometry are geomet-
rically defined as they are part of a torus, cone, cylinder
etc. In the beginning of the Free Form technology it
caused a struggle between the designing parties and

Figure 16. Mediatheque, Japan.

Figure 17. Town Hall Alphen aan de Rijn.

the producing and building parties as the designers
overlooked the geometrical complexities.
Yet the lessons were learned within an additional

year of design development and the building from then
on was only built up of similar elements in different
form, positioned in different click points. The archi-
tect requested individualized screened glass panels.
All elliptical façade tubes had a different height, some
even in a crooked form near a prominent stair (wed-
ding stair):‘industrialisation in lots of one’. (Janssen&
Boorn, 2002)

16 2004 FEDERATION SQUARE MELBOURNE,
LABARCHITECTURE

An open environment on a well known place in the
city amidst older ‘heritage’ buildings often accumu-
lates tensions amongst the public. It becomes a topic
of intense debate. Such was the case with the ‘Fed’
Square. The total assembly positions itself counter
to the conservative parties. The theatre is the most
outspoken part of those buildings in a fuzzy tubu-
lar network geometry with an even more complex
glass covering. Fuzzy networks in ‘down under’. For
the 2008 Olympic Games in Beijing architect PTW
Architects, CSCEC and Arup would design an indoor
swimming pool stadiumwith a similar roof and façade
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Figure 18. Interior Town Hall, Alphen.

Figure 19. Federation Square, Melbourne.

systemwith ‘fuzzy logic’ in tubular structures covered
with inflatable cushions.

17 2006 BARAJASAIRPORT TERMINALS,
MADRID, RICHARD ROGERS / ANTONIO
LAMELA

The new Barajas Terminals form together the interna-
tional airport of Madrid, one of the largest in Europe
and certainly one of more spacier airports to date.
The construction exists of tapered tubular columns
in changing colours indicating the gates, on concrete
frames in a very smoothened design modus. The steel
roof planewith bamboo ceiling undulates over the long
double Y-stilts construction. The length of the termi-
nals, the wideness, the gentle gestures of the columns

Figure 20. Swimming stadion, Beijing.

Figure 21. Terminal 4 Barajas Airport, Madrid.

and the changing colours of the stilts make these ter-
minals almost a modern version of grand cathedral
spaces and unique in the world.

18 2005 NATURAL MUSEUM, LEEUWARDEN,
NL, JELLE DE JONG

This museum of Natural History was housed in a
17th/19th century building in the city centre and had to
be covered to extend its museum collection and pub-
lic meeting possibilities. After a design competition
the architect made a design based on an experienced
lightweight steel tubular grid, clad with insulated glass
panels, stabilized by stainless steel rods from 4 long
masts, penetrating trough the glass plane.
The masts stabilize the roof plane upward or down-

ward snow, deadweight andwind forces and downward
for upwind. The roof scheme is a table structure, inde-
pendent form the existing buildings. The roof edges
are chosen on the top of the tiled roofs, but only a thin
rubber flap makes the cover, no forces are allowed on
the existing building, the edges around have ventilat-
ing windows.The roof structure of the horizontal glass
plane and the 4 prominent masted poles were accepted
by themonument commission as an extreme structural
state of the art positioning to the old buildings.
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Figure 22. Natural Museum, Leeuwarden, NL.

Figure 23. The Cockpit, Utrecht.

19 2005 SOUND BARRIER / ‘COCKPIT’ CAR
SHOWROOMA2 UTRECHT, NL,
KAS OOSTERHUIS

This 1.500 meters long sound barrier along the A2
near Utrecht, NL and 180m long car Hessing show-
room of exclusive cars has a fluent Free Form design
which blends well in the short time this building is
seen from driving the highway. The cross sectional
shape changes during the entire length, is triangulated
in a space frame and only the cockpit has a tubular
space frame with clearly over-designed tubular mem-
bers. Glazing follows the triangulation of the design
grid.

20 2005 ALLIANZ STADIUM, MÜNCHEN,
HERZOG+DE MEURON

This lightweight showing stadium is covered with
EFTE cushions along all of its facades, illuminating

Figure 24. Allianz Arena, Munich.

Figure 25. Evo Restaurant, Barcelona.

in different colours: White for neutral football games,
red when Bayern München plays and blue when 1860
München plays.The light is an integralmessage for the
stadium that often is used in the darker hours of the
day.The tubular structure of the football stadium func-
tions as it should, serving the function of roof without
attracting much attention.

21 2006 EVO RESTAURANT,
HOTELES HESPERIA, BARCELONA,
RICHARD ROGERS

The Evo restaurant sits as a gigantic diamond on
the high Hesperia Hotel in Barcelona and has been
designed as an expensive icon in the silhouette of
the high rise building. The menus are suited for the
elite. The view out is phantastic. The restaurant has a
diameter of 22m and has a network geometry dome
structure made of slender RHS tubes, welded on site,
that is to say: on the ground level. The entire diamond
shaped restaurant has been lifted with a giant crane in
its position.
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Figure 26. BMWWorld, Munich.

Figure 27, 28. Olympic Stadium, Beijing.

22 2007 BMWWELT MUNICH, COOP
HIMMELBLAU

This building servesmainly as a rich environment from
which the lucky owners of new BMW cars can get
their brand new cars and drive into the future. The
building has some prominent sides. One of them is the
double cone, made of a tubular network which by its
turning movement twists the entire building visually.
(Himmelblau, 2010)

23 2008 BIRD NEST INDOOR SPORT
STADIUM, BEIJING, HERZOG+DE
MEURON / OVEARUP

The Bird nest stadium is the apotheosis of the use of
tubular structures to date in the world. It used 8x more
steel than an average stadium of the same size, else-
where causing the world’s price of steel to skyrocket
for a while. The design was very outspoken, had the
looks of a giant Chinesewoven reed basket, and is con-
sidered as a prime example of a Free Form building.
It was mainly used 14 days in its life in the summer of
2008, but it was on all television sets over the entire
world and had a function as public advertisement of
China as a country organising the 2008 Olympics.

24 CONCLUSION

While the first 15 years, half a professional genera-
tion, of tubular structures were mainly colored by high
tech architecture, the latter 15 years after that were
colored by prominent free form architecture projects.
Kanzai Airport was the turning point: both high tech
and free form.Thiswas the time that the computer pen-
etrated design offices and that accurate designing and
engineering of complicated structures and free form
structures became possible. Before that it was only
confined to a few specialists who had advanced com-
puter programs andwere used to dealwith components
in large variety of form and dimensions. Since then,
however, computer programs are commercially avail-
able for designers and engineers. What stays is the
wish of the architect to make surprising buildings
with 3-dimensional structures to make the spatial ges-
tures.Tubular structures have proven to be flexible and
versatile enough for this purpose.
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Design and erection of the London Eye and the Wembley National
Stadium arch

A.P. Mann
Senior Consultant, Jacobs, UK

ABSTRACT: Since the Millennium, the London skyline has acquired two prominent structures: the London
Eye and theWembley Stadium arch. Both are very large lattice structures and both aremade up of tubular element
substructures. Although serving quite different functions, both structures posed similar design challenges not
least in the need to consider global buckling modes. Partly because of that demand, the need to assure tolerances
was also very important for each. Given their huge sizes, these was an especial need to consider processes of
node fabrication, sub-assembly and final erection into position.

1 LONDON EYE

1.1 Introduction

Since the Millennium, the London skyline has
acquired two prominent and now well known struc-
tures: theLondonEye and theWembley arch.Although
serving very different purposes, both structures share
certain features. Firstly, and generically, they are both
large span tubular structures acting primarily in com-
pression. Secondly, they both support or incorporate
cables and thirdly, considerations of fabrication, sub
assembly and erection were highly significant for both
projects and there was a certain commonality between
their construction approaches.
The London Eye rim was designed, fabricated

and erected by Hollandia based in Rotterdam. The
WembleyArch was designed by Mott MacDonald and
fabricated by Cleveland Bridge (Darlington). Cleve-
land Bridge were also responsible for the erection
engineering. The paper’s author acted as third party
for site works on both projects and acknowledges here
the great skill of the design and construct teams.

1.2 London Eye function

Figure 1 shows the Eye. The Eye’s rim (about 132m
across) is a triangular lattice using tubes for all its
members. On the outside, the rim supports 32 passen-
ger capsules and the total self weight is transmitted
down from the rim via cables to the central hub and
thence to ground. Laterally, wind acts on the capsules
plus the exposed surface of the rim and this load is
also carried via the spoke cables back to the hub. To
transmit lateral loading, the spoke cables are inclined
out of plane (Figure 2).Moreover, for efficiency and to
avoid cable slackening, all cables are pre stressed. By
this means the ‘tension cables’ carry tension and the

Figure 1. London Eye rim.

‘compression cables’ carry compression, by relief of
tension. One down side is of course the inevitability of
placing the rim in a permanent state of circumferential
compression (though this does confer some advan-
tages).Arithmetically, the cable prestress is quite large
such that the total compression induced in the rim is
also large; this being the summation of prestress plus
gravity and wind loads with the prestress contribution
being dominant.
The rim’s mode of failure is then one of global

buckling having the classic four quadrant mode shape
buckling form under excess axial load. For stability
and to limit interaction it was essential to compute
the elastic critical buckling load and keep it high in
relation to individual member capacities.
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Figure 2. Eye rim with spoke cables.

An interesting question in assessing capacity is to
consider what the partial load factor on prestress load-
ing should be. Self evidently there is uncertainty in
both gravity and wind loads which partly justifies
their relevant factors: it is conceivable that either of
them in practice (especially the wind load) could be
higher than computed. However, the prestress load is
put in to a defined and measured amount and can
actually only reduce with time – the reduction being
linked to losses via by cable creep although the spoke
cables are periodically ‘tuned up’. Philosophically, if
the rim were to buckle, the dominant driving force
(the prestress) would be shed, whereas of course grav-
ity loading remains always active which again brings
into question what partial load factor is appropriate.
Although these are interesting asides, in practice the
prestress was treated as dead load though arguably this
was conservative.
Given that the dominant loads are axial and that

global buckling is a significant issue, it also follows
that the global structural tolerances (out of plane)
are matters to be addressed positively. During design,
active consideration was given to tolerances.There are
several sources of dimensional variation: the rimmight
not be plane, and the wheel might not be round and the
hub might not be in the centre of whatever shape the
rim ended up. All of these separate tolerance topics
have implications not only for rim structural capac-
ity but also for wheel functionality. The concern was
compounded because building the rim was a ‘one off’

so pragmatically no one could be totally sure what tol-
erances were achievable. There is little point in any
design demanding a tight tolerance if the contactor
struggles to enforce it. Moreover following construc-
tion, the team would have the problem of determining
what to do if the tolerances had not been achieved.
To investigate alignment effects during the design

stage, various simulations were run with cables
at differing prestress values to see what possible
misalignments might be generated, these included
variation on absolute prestress values, plus tension
variations between individual spoke cables.Thereafter,
other simulations were run with different misalign-
ments to assess global buckling sensitivity. Fortunately
these studies suggested firstly that alignment would
not be overly affected by variations in cable pre-
stress and secondly (again fortunately) that buckling
capacity was not much affected over a range of sen-
sible misalignment presumptions or of cable stress
variations.
There are however other practical consequences of

tolerance. A key point to note is that functionally the
Eye works by being in continuous motion and requir-
ing passengers to board a continually moving wheel
(it is in fact the safety and practicality of that boarding
process which governs wheel speed). Thus a key inter-
face is that between the Boarding Platform surface and
the steps of the capsules both vertically and laterally.
Excess vertical steps would create a trip hazard, while
excess horizontal gaps would create foot trap hazards.
The target therefore was to keep the gap between the
Boarding Platform edge and the capsule steps not so
tight as to risk a clash and not so wide as to risk a
foot trap hazard. For both these reasons, rim planarity,
rim circularity and rim concentricity were important
objectives.
To further assure horizontal alignment, the rim is

guided through horizontal restraint rollers set either
side of theBoardingPlatform.Consequently, the struc-
tural implication of this is that the wheel is ‘forced’
into line during each rotation to a degree linked to its
out-of-plane tolerance. Hence there is a fatigue load-
ing case with a cycle of loading (in and out) once for
each revolution. Acceptable alignment in the vertical
direction was to some extent achieved by controlling
wheel circularity (and assuring the hub was in the
centre) via control of the cable tensioning (and the
assembly/erection methodology was important in this
respect) and partly by providing some adjustability in
the attachment points of the capsules to the rim. In
practice, step variations are not very much. There is
also a height variation between summer and winter
due to thermal changes but as the thermal mass of the
structure is so high, this has not, in practice, been a
problem. If necessary, the Boarding Platform surface
can be adjusted up and down since it is supported on
jacks but this is rarely done.
As the rim rotates, it does ovalise to some extent

and this also creates some fatigue loading in plane.
That is not a major problem, not least since the entire
rim is permanently in compression. Fatigue cracking
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can initiate in welded zones even when steel is in com-
pression (cracks being propagated by residual stress)
but as the rim is in high imposed compression any
consequences would not be so important and cracks
would be unlikely to propagate. In practice no crack-
ing has been detected (there are annual inspections).
As the rim rotates, the forces in the cables do change
though not to a huge amount but such changes also
impose fatigue cycling on the cable end node supports
so these too are designed for local stress fluctuations.
Local fatigue issues occur at the capsule attach-

ment points because these structural parts undergo one
complete reversal of load with each wheel rotation. It
will be observed (Figure 1) that each capsule has four
support points and that there is bracing between the
separate support points. This is deliberate for although
the structure is designed for fatigue, very high assur-
ance is required against potential capsule loss. Hence
the philosophy was to provide a highly redundant
attachment structure such that any single support could
be lost with the capsule still remaining in position.
Generally then the structural design of the rim is

fairly complex. There is a global buckling problem to
be resolved taking the dominant loads as pre stress.
Then superimposed on that there are global and local
fatigue issues linked to a number of causes.The design
also has close links to functionality in that tolerances
are important for a number of reasons. Finally, tak-
ing account of erection methodology, there is a key
erection load case to consider.

1.3 Interface with drive system and electrical
pick up

The rim has an interface with the wheel drive system
which is shown in Figure 3. Fixed to the side of the rim
there is a running strip coated with a friction surface
(see also Figure 4). This strip is gripped by the drive
wheels top and bottom and as these wheels are turned
by theirmotors so the sandwiched strip is pushed along
and the whole wheel rotates. Neither the rim nor the
running strip are circular but are instead made up of
a series of straights. The implication of this is that the
drive wheel sets have to move up and down (and be
capable of moving in and out) with wheel rotation.
To do this, they are fixed to articulated arms. As this
movement capability is in all circumstances necessary,
the actual rim circularity tolerance is not that important
from a drive perspective; tolerances being much less
than the movements inherent in having a segmental
driving surface. There is a separate interface with the
electrical pick up system and the horizontal and verti-
cal rim tolerances governed the amount of articulation
that had to be built into the pick up supports.

1.4 Detailing

A key requirement of the rim design was aesthetics.
The intention was always that whatever was built had
to look good. For this reason, the bulk of connections

Figure 3. Eye rim interface with drive system.

Figure 4. Eye rim nodes and running strip.

on the truss are fully welded with the architect taking
a keen interest in their appearance. The design of the
nodes required considerations of:

• Appearance
• Strength
• Fatigue resistance
• Practicality
• Facilities for mass production in jigs
There are different types of nodes, normal types

accommodating triangular bracing and the type that
anchors the cables.A typical truss junction can be seen
in Figure 4.

1.5 Assembly

As the contractor Hollandia was based in Rotterdam,
the entire structure was shop fabricated there and
shipped direct to the London site. The rim itself came
in four quadrants each of these coming over the sea and
up the Thames on barges. Figure 5 shows a rim sec-
tion on the quay in Holland ready to be loaded onto its
barge.These four segment were then fitted together on
site. At site, the inner chord remained bolted between
quadrants whilst the outer chord was site welded.
Thereafter, the spoke cables were added and ten-
sioned up. How this was achieved whilst maintaining
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Figure 5. Eye rim segment ready to be loaded onto a barge.

circularity will be appreciated from a description of
the erection methodology.

1.6 Erection

A significant imperative for the project was rapid com-
pletion for the wheel had to be in place byMillennium
eve. As time was really short, this was a significant
factor in the thinking devoted to the erection method.
Other considerations were that site space for assembly
was extremely restricted. It is possible to erect wheels
vertically but this requires some significant temporary
works to maintain alignment and traditionally vertical
erection methodology has been used where rims have
rigid spokes rather than cables. Moreover, a vertical
erection method in London would have meant a large
amount of working at height along with the risk of
dropping tools onto rights of way below. Given that
space was available on the river, Hollandia decided to
assemble the rim flat over the water surface and then
jack the whole rim up into its vertical plane from that
position.
Of course there are pros and cons with any erection

method. In favour, fortunately the Thames happens to
be about twice the rim diameter opposite Jubilee gar-
dens and also fortunately, the navigable passage runs
along the opposite bank. Thus it was possible to pile
into the river on the garden’s side to form temporary
support platforms to hold the rim temporarily.The four
segments of rim were supported on these platforms
(Figure 6).Whilst in this horizontal plane, cables were
added and tensioned up so this was much easier than it
would have been to add cables in the vertical plane
with all the added risk of uncertainty in achieving
circularity. On the down side, to match the erection
methodology, itwas necessary to articulate theA frame
(column support) top and bottom and to adjust the
hinge support position upwards at theA frame bottom
so as to allow the frame to be in an alignment that
cleared the river wall and fitted up to the rim on its
river supports. This demand may be appreciated from
Figure 7. Structurally, it will also be appreciated from

Figure 6. Eye rim temporarily supported above the river.

Figure 7. Eye erection.

Figure 8. Eye rim out of plane umbrella of support cables.

the erection picture of Figure 7 that at the moment of
lift off, the rimweight was at its most eccentric relative
to the foundations and therefore this moment dictated
the maximum up lift imposed on the rear foundation
and the foundation design was actually governed by
that condition. Additionally, at the moment of lift off,
the rim was loaded out of plane and to counteract this
was restrained out of plane by an umbrella of tempo-
rary cables anchored onto a disc mounted at the rear
of the spindle: this array can be seen in Figure 8.
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Figure 9. Wembley arch over the stadium.

Figure 10. Arch with roof hanging below and over pitch
trusses.

Erection of the rim from horizontal to vertical was a
spectacular event and took place in one day hence part
of the justification for its adoption. Technically the
moment of lift was the moment of greatest stress for
much of the structure though this ran counter to pop-
ular instinct which probably thought higher elevations
would be more critical.

2 WEMBLEYARCH

TheWembley arch spanning 315m purports to be one
of the longest in the world for a building. Overall, the
arch is 140m high (about the same as the Eye) and
the ‘tube’ is ∼7m diameter. Total self weight is about
1,750 tonnes of steel. The arch is spectacular, visible
from a long way off and a signature for the stadium
(Figure 9). Its function is to support the roof below
(hung on cables) but perhaps surprisingly, it supports
not only the roof directly below but a good proportion
of the roof on the opposite side of the pitch since that
roof is partly supported on trusses which span right
across the pitch to carry a moving roof (these trusses
can be seen in Figure 10).

Figure 11. Arch before erection with 5 turning masts in
position.

Structurally, as for theEye, the arch is a lattice struc-
ture made up of tubular sub elements. It is mostly in
compression so again, as for the Eye, global buckling
is amajor consideration as is buckling of the individual
tubes from which it is made. Out of plane wind load is
carried again via inclined cables and they have enough
gravity stress for wind generated ‘compression’ to be
carried by relief of tension.As the arch is obviously in
high compression it has the standard potential buckling
modes of failure. Restraint out-of-plane is partly pro-
vided by orthogonal cable restraint but there is also an
in – plane, side sway, bucklingmode resisted by arch in
plane stiffness. Because buckling is a dominant design
factor, out of plane alignment tolerance was also a sig-
nificant factor and the contract specification dictated
limits for that. During erection, measures had to be
deployed to keep the planarity alignment acceptable.
Unlike the Eye rim, there are no significant fatigue
issues to counter.

2.1 Nodes

Aesthetics was clearly important so became a signif-
icant influence on the nodal form adopted: all nodes
are welded with considerable geometrical complexity
belied by their smooth clean appearance post fabri-
cation (some of the complexity is linked to sequence
of assembly such that access is retained to complete
internal welding).
There were four broad groups of nodes:

• Standard node intersections tube to tube
• Interface with cross arch diaphragms
• Nodes to attach to cables which support the roof
• Nodes to attach cables used for erection purposes
Many of these can be seen in Figure 11.

• Nodes which attach to temporary cables

2.2 Assembly

Aswith all large structures, the practicalities of assem-
bly are key for planning and inseparable from the
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Figure 12. Arch assembly: Sub units being lifted into
position.

adopted erectionmethodology.As for the Eye, the plan
was to assemble the arch on the ground and then hoist
it up. Thus the strategy was for the arch to be made up
of sub units which were then assembled into an arch
shape (laid out horizontally) on stillages in a position
ready for hoisting. Because even the sub units were
large, fabrication shops had to be built on site.
This assembly process involved first of all mak-

ing up 41 diaphragms partly factory welded but then
delivered to site in thirds for final assembly (these
diaphragms can be seen as the ‘verticals’ in Figure 11).
Thereafter, these were erected in jigs (one diaphragm
at each end) and the tubes in between were welded
into place. These tubes had been pre cut and profiled
in Cleveland Bridge’s Darlington factory. These com-
pleted sub units were then moved by crawler crane
(Figure 12) onto the pitch stillages in hit and miss pat-
terns for the other tubes completing the arch to be
welded in between.

2.3 Erection

Figures 11 and 13 shows the erection methodology.
Although in principle this followed the same strategy
as lifting the Eye there were differences. But firstly
there are similarities: a key one was the need to intro-
duce a proper pin at the arch base to allow articulation
out of plane. The was quite complicated since in the
final condition, the arch was required to be pin based
so as to be capable of articulation in-plane (i.e. at 90◦
to the erection rotation). The base detail to permit this
can be seen in Figure 14.Another similarity is the need
to be hauled up on cables so nodal attachment points
were required for temporary cables detailed so as to
be geometrically clear of the cables used finally for
supporting the roof. Again, and like the Eye rim, there
were erection load cases of in-plane and out-of-plane
loading, a need to maintain alignment consistent with
the buckling mode of failure and a critical load case
just at lift off.
A difference to the Eye erection is that significant

temporary works were required to facilitate the lift.
Figures 11 and 13 show the use of five turning masts
each of which pulled on the arch to raise it. The cables

Figure 13. Arch erection with base pinned.

Figure 14. Erection pin at arch base.

Figure 15. Strand jacks for pulling up turning masts.

pulling the turning mast up were rotated by shortening
attachment cables through strand jacks (Figure 15).
Noting there are five turning masts, each with differ-
ent cable lengths from their heads down to the arch
(Figures 11 and 13), it may be appreciated that at any
stage of the lift, the amount of force in each cable dif-
fered to a degree linked to the system stiffness. It was
not possible to pull all five masts in unison and even
if they had been so pulled, differing cable stresses and
hence differing cable extensions would have created
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Figure 16. Arch going ‘over the top’.

an arch out of plane deviation. To overcome this, there
had to be a sequence of incrementally defined steps.
Moreover as the force in each mast system varied, the
increment at each point varied. The consequence of
this is that cable pulling was a selected mixture of
both applied force and applied displacement with the
driver for displacement being to keep the arch in plane
at all stages or at least within tolerance limits of mis-
alignment.To control this a mathematical model of the
whole process was developed and from this a defined
sequence of jacking steps was evaluated for each of
the five turning masts.
For both the Arch and the Eye rim, the whole erec-

tion process was monitored continuously in terms of
predicted force on the lifting system(s) and predicted
displacement at defined points with survey checks
made at each increment to assure that the lifting forces
and measured displacements were what was expected
against themathematical models.Thewhole operation
had to be controlled in this manner with a personnel
command and control strategy.
A further difference between lifting the arch and

lifting the Eye rim is that on the arch, the tilt went
further than vertical and as the arch went ‘over the
top’ loads were transferred at that point from pulling
cables to restraining cables. (Figure 16).
Both the rim and the arch underwent changes of

shape between their unstressed position on the ground
and their erected position in the air. As part of the pre-
erection engineering it was necessary in both cases
to study what those shape changes would be (say
under selfweight) and determine if presetwas required
to offset the changes so that the as-built structures
conformed to design intent shape.

3 CONCLUSIONS

These are two iconic tubular structures and both pre-
sented great challenges in terms of design, fabrication,
assembly and erection. A key observation from each
is that any design overall needs to consider all the
practicalities of assembly and erection if it is to be com-
plete.The reason is obviously that structural capacity is
linked to the ability to detail the nodes and the ability to
achieve sensible alignments. Furthermore the manner
of erection in both these case studies had a signifi-
cant effect on the detailing, and the manner of erection
in both cases imposed significant stresses during the
erection phase. In both cases, those erection condi-
tions were enough to influence sizing i.e. the erection
condition was at least as important as the permanent
condition.
Tubular structures offer great advantages when

appearance is a major demand and they offer major
advantages when dominant loads are compressive.
However, as experienced designers understand, the
completeness of design, the practicalities of assem-
bly and costs are all very strongly influenced, if not
dominated, by the practicability of making the nodes
not least the amount of welding within them. That in
turn is very strongly influenced not just by the appar-
ent demands of achieving strength but by the simple
geometric demands of weld length and weld volume
enforced by the geometry of the tube intersections. It
is really the nodes and their configuration that govern
the overall design of the members and not the other
way around. Altogether, if a design is to achieve a sat-
isfactory outcome in terms of material, functionality,
appearance, ease of assembly and erection then there
must be an iterative process of development involving
skill inputs from several specialists
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Local buckling in Concrete-Filled circular Tubes (CFT)

R. Chacón, E. Mirambell & E. Real
Technical University of Catalonia UPC, Barcelona, Spain

ABSTRACT: Local buckling phenomena in Concrete-Filled Tubes (CFT) is prevented in EN1994 by limiting
the slenderness of the steel tubes (D/t) to 90·ε2.This limitation is inherited fromEN1993-1-1 inwhich slenderness
limits are defined for Circular Hollow Sections (CHS).This approach has been tackled by researchers for the case
of CHS but has not been studied for CFT to the same extent. This paper describes a series of three-dimensional
numerical simulations of CFT subjected to both flexural and axial loads. The three-dimensional simulations
provide a phenomenological insight concerning the complex mechanical phenomena involved in local buckling.
The results obtained show discrepancies between the EN1994 limitations and the pinpointed phenomenological
observations for the case of CFT.

1 INTRODUCTION

Concrete-filled tubes (CFT) are widely used in civil
engineering and building construction and consist of
a steel tube with a concrete core casted inside. The
behavior of CFT has been widely studied and hun-
dreds of tests on CFT subjected to axial and flexural
loads are nowadays available in the literature (Goode
2008).Most of the studies have pointed out the benefi-
cial effects of CFTwhen subjected to different types of
loading by comparing their cross-sectional resistance
and ductility to pure steel or pure concrete elements.
Consensus concerning this matter has been achieved
among researchers: due to an enhancement of the con-
fined concrete strength, the resistance of CFT is quite
higher than the addition of the resistances of each
material when considered separately.The compressive
strength is increased due to tri-axial confinement of the
concrete core. The susceptibility to local buckling of
the steel tube is decreased since the concrete core pro-
vides to the steel plate an additional constraint. This
constraint prevents the plate to undergo inwards buck-
ling and thus, the critical buckling load of the plate is
increased.
Several models of resistance prediction have been

proposed (Hatzigeorgiou 2008, Susantha et al. 2001,
Johansson 2002) for members with relatively thick
steel plates.Thesemodels have been compared by sev-
eral authors (Beck et al. 2009, Oliveira et al. 2010,
Chacón et al. 2011) with relevant codes (EN1994
2004, AISC 2005). These comparisons have pin-
pointed the adequacy of the prediction of the confine-
ment effect onto the ultimate strength ofCFTsubjected
to combined bending and compressive loads.
Moreover, it is understood that CFT columns sub-

jected to bending and/or compressive loads might be
prone to local buckling when the D/t ratio of the steel

tube is high. The critical buckling loads of the plates
belonging to CFT may condition the cross-sectional
capacity of the members. The critical buckling mode
associated with local instability of a steel plate of a
CFTmight be labeled as “outwards buckling” since the
steel plate is not able to develop inwards waves.As far
as known by the authors, no information concerning
mathematical developments or eigenvalue analyses of
such phenomenon are available in the literature. The
cross-sectional resistance of CFT has been tradition-
ally decoupled from the local buckling phenomenon
by limiting the D/t ratio of the tube to certain limits.
On the other hand, researchers have pinpointed an

existing post-local-buckling strength of slender steel
plates which contributes to the ultimate strength of the
whole section (Kwon et al. 2011). Several formulae are
provided by these authors for the sake of predicting the
ultimate strength of the steel plate. These formulae do
not require the computation of the effective area of
the plate and are derived empirically from a series of
experimental tests.
In this paper, the potential local buckling of CFT

is studied by means of a fully three dimensional FE-
based numerical model in which: i) the concrete core
is modeled with solid finite elements and the confine-
ment effect is accounted for and ii) the steel tube is
modeled with shell elements and the potential local
buckling is taken into account.
The model includes a contact-based formulation in

which both entities interact realistically. Full material
and geometrical nonlinearity is included. Results con-
cerning the susceptibility to local buckling of the steel
plate as well as comparisons with the European code
EN1994 are provided at the end of the paper.
In addition, experimental results of CFT subjected

to pure compression gathered from the literature are
used for comparison purposes.
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2 EN1994. DESIGN OF COMPOSITE STEEL
AND CONCRETE STRUCTURES

2.1 General

EN1994 provides with guidelines for the design of
composite columns and compression members with
steel grades S235 to S460 and normal weight concrete
of strength classes C20/25 toC50/60.These guidelines
apply to isolated columns and columns in framed struc-
tures where the other structural members are either
composite or purely metallic. The steel contribution
ratio δ (eq. 1) should fulfill the condition 0,2≤ δ≤ 0,9.

Two methods of design are given: i) a general method
whose scope includes members with non-symmetrical
or non-uniform cross-sections over the length, ii) a
simplifiedmethod formembers of doubly symmetrical
cross-sections.

2.2 Simplified method

Only the simplified method is discussed herein. The
members must be checked for: cross-sectional resis-
tance, resistance to local buckling and resistance to
shear between steel and concrete elements. The cross-
sectional resistance must be verified with the well
known interaction diagram. The plastic resistance to
compression Npl,Rd of a CFT cross-section should be
calculated by adding the plastic resistances of its com-
ponents. Account may be taken of increase in strength
of concrete caused by confinement.
The resistance of a cross-section to combined com-

pression and bending and the corresponding interac-
tion curve may be calculated assuming rectangular
stress blocks as shown qualitatively in Fig. 1. This dia-
gram can be constructed by varying the neutral axis
throughout the cross-section and satisfying the cross-
sectional equilibrium with the pair of resulting forces
N and M.
Accountmay be taken of increase in strength of con-

crete caused by confinement (point A in Fig. 1) This
allowance is valid if and only if the relative slenderness
of the structural element does not exceed 0,5 and the
relative eccentricity of the applied load e/D does not
exceed 0,1, being e the eccentricity of loading given
by the applied forces MEd/NEd and D the diameter of
the tube.

2.3 Local buckling

Local buckling should be accounted for if the
diameter-to-thickness ratio D/t in CFT is greater
than 90·235/fy. The effects of local buckling may
be neglected for a steel section if the given limit is
not exceeded. If D/t> 90·235/fy, full account of local
buckling is necessary in all calculations (the designer
is recommended to approach this calculation as in shell

Figure 1. Cross-sectional interaction diagram of a CFT
according to EN1994.

structures, EN1993-1-6) and the simplified model is
no longer valid.

3 NUMERICAL MODEL

3.1 Geometrical modelling

The structural response of the CFT is modeled by
means of the three-dimensional, multi-physics, FE-
based Software (Abaqus v10.3, 2011). The concrete
core is modeled by using C3D8R solid elements
whereas the steel tube is modeled with S4R shell
elements.
Both geometries are put together by means of a

surface-based contact formulation and meshed sepa-
rately. This contact formulation reproduces both nor-
mal and tangential behaviors between surfaces. For the
former, the model allows separation (but no penetra-
tion) of adjacent nodes of both entities whereas for the
latter, the model is based upon a linear force-slip tan-
gential behaviorwith a friction coefficientμ= 0,3. For
both cases tangential and normal stresses are transmit-
ted from one entity another. Thus, the steel tube might
induce a certain level of confinement to the concrete or
alternatively, the steel plate might undergo local buck-
ling if it is separated from the concrete core.Moreover,
it is worth pointing out that symmetrieswere employed
for the sake of reducing the computational cost of the
simulations.

3.2 Constitutive equations

The concrete core is characterized by a plasticity-based
damage model. It assumes that the main two fail-
ure mechanisms are tensile cracking and compressive
crushing of the concrete material. On the one hand,
the model assumes that under uni-axial compression
the response is initially linear until the value of failure
stress is reached. The maximum stress corresponds to
the onset of micro-cracks in the material. The plastic
response is characterized by a nonlinear path until the
value of fck is attained and a strain-softening response
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Figure 2. Mesh and numerical modelling.

characterizes the material beyond this point. Beyond
this stress, the behavior is represented macroscopi-
cally with a softening response. On the other hand,
the model assumes that the uniaxial tensile response
is linear until the value of fctk = 0,09·fck is reached (a
user-tuneable magnitude).The post-cracking response
is characterized by means of values of fracture energy
(GFI≈ 0,15N/mm).Themulti-axial behavior is repro-
duced by means of a scalar damage elasticity set of
equations. The uni-axial resistance is increased up to
1,16·fck if thematerial is subjected tomulti-axial stress
(also a tuneable magnitude).
The steel tube is characterized by means of elastic-

perfectly plastic material. Uni-axially, the material
yields once fy is attained. Multi-axially, the von Mises
criterion determines the onset of yielding. No strain
hardening is considered in this study.

3.3 Type of analysis

The studied phenomenon is strongly nonlinear. Ten-
sile cracking of the concrete, local buckling of the
steel plate together with a contact-based formulation
must be dealt with coupled. For making the simula-
tions computationally tractable, it has been decided
to use an explicit analysis. The procedure solves the
equation of motion which relates the inertial forces,
the viscous forces and the elastic forces into the same
equilibrated system (either static or dynamic).
The rate of load-introduction as well as the mass-

scaling of the system is set in such a way the structural
problem may be assumed as quasi-static rather than
dynamic.

3.4 Numerical simulations

The numerical simulations consisted of two load-steps
(Fig. 3). It is important to point out that these numerical
simulations belong to a vaster study on CFT belonging
to integral bridges. Therefore, the numerical simula-
tions were aimed at reproducing the type of forces
that the piers from integral bridges are usually sub-
jected to (Chacón et al. 2011). In any case, the internal
forces may be summarized in: compressive, bending
or a combined action of bending and compression.

• At the first step, an axial loadwas centrically applied
to the CFT. This axial load represents a percentage
of the squash load Npl,Rd of the CFT. Eight differ-
ent values ranging from 0% to 100% of Npl,Rd are
included (for the case of 100% of Npl,Rd, the CFT
fails and the analysis finishes).

Figure 3. Loading steps in the numerical simulations.

• At the second step, a lateral displacement was
applied on the upper cross-section. These displace-
ments assumingly reproduce the non-mechanical
(creep, shrinkage, etc) and mechanical deformation
(braking, seismic loads) from the bridge deck. The
upper cross-section remains horizontal during the
whole analysis.

• The resulting internal forces of the CFT can be
obtained by applying equilibrium conditions (eq. 2
to 4).

4 NUMERICAL DATABASE

4.1 Experimental database

A vast experimental database of 1819 experimental
tests is available in the literature (Goode 2008). This
database includes tests performed by several authors
and provides geometrical, material and ultimate loads
information of circular, square and rectangular CFT
subjected to axial and/or flexural loads. In this paper,
a sample of 526 circular CFT subjected to pure com-
pression excerpted from this database is used for
comparison purposes. The sample is chosen in such
a way the specimens are not prone to global buckling
according to the EN1994 criteria.

4.2 Numerical database

A numerical database provided in the present study
consists of 192 circular CFT prototypes of total length
L= 10,0 meters and outer diameter D= 1,0 meter
(L/D= 10) and 112 CFT prototypes with L= 10,0
meters and D= 2,0 meters (L/D= 5). A set of para-
metric variations of the steel contribution ratio was
developed. These specimens were numerically sub-
jected to various combinations of axial and flexural
loads. This database has been useful in other studies
performed by the authors concerning the ultimate load
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Table 1. Geometry of the numerically simulated prototypes.

Element D (m) Thickness (mm) fy (N/mm
2) N (%NplRd) Simulations

L10D1M 1 10-15-20 235–275 8 cases [0–100] 192
25-30-35 355–460

L10D2M 2 20-30-40 355–460 8 cases [0–100] 112
50-60-70-80

Total 304

Table 2. Additional numerical simulations.

Thickness Total
Element D (m) (mm) fy (N/mm

2) cses

L10D1M 1 6 235–275 4
1 8 355–460 4

capacity and ductility of CFT subjected to bending and
compressive loads (Chacón et al. 2011) for the partic-
ular case of integral bridge piers. Table 1 summarizes
the geometrical and material properties of the studied
CFT. The steel tube presents variations in thickness as
well as in yield strength fy whereas the concrete core is
characterized with an invariable compressive strength
fck = 30N/mm2 for all cases. In this study, additional
simulations were performed in elements subjected to
pure compression with very high D/t ratios. Table 2
depicts the geometries of such prototypes. The length
is set toL= 10,0meters and the outer diameterD= 1,0
meter (L/D= 10).

5 EXPERIMENTAL RESULTS

The sample depicted in sub-section 4.1 includes pro-
totypes subjected to purely compressive loads. The
ultimate load capacity of those specimens is provided
though information concerning the failure mode of
such prototypes is not fully documented.
Figure 4 shows the ultimate load capacity of

526 CFT subjected to pure compression standard-
ized to the EN1994 (in this case, the formulation
is applied without accounting for the effect of con-
finement). The results are plotted against the ratio
(D/t)/(90·ε2). These plots should be read as follows:
i) If Nexp/NEN1994< 1,0, the results are not on the

safety side, ii) If (D/t)/(90·ε2)> 1,0, the CFT should
be labeled as susceptible to local buckling (and thus
the simplified method would not be valid in the
present form). Bold lines indicate the boundaries of
the aforementioned regions.
Close inspection of the results leads to twofold

conclusions:

– The vast majority of the results are on the safety side
(regardless of the susceptibility to local buckling).

– The ultimate load capacity of the allegedly prone to
local buckling specimens is generally greater than
the EN1994 prediction.

Figure 4. Experimental results as a function of their sus-
ceptibility to local buckling (no confinement accounted
for).

Figure 5. Experimental results as a function of their suscep-
tibility to local buckling (confinement accounted for).

– The D/t limitation provided in EN1994 does not
seem to represent the pivotal point beyond which
local buckling occurs. However, this plot does nei-
ther give information about the possibility that these
prototypes undergo local buckling nor, about their
potential post-buckling reserve.

Figure 5 shows the ultimate load capacity of 526
CFT subjected to pure compression standardized to
the EN1994 (in this case, the formulation is applied
accounting for the effect of confinement, point A in
Fig 1).
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In this case, the vastmajority of the results are not on
the safety side (regardless of the susceptibility to local
buckling).The plot suggests awarning about the valid-
ity of the confinement effect provided by EN1994.
Similar results have been pinpointed by other authors
(Beck et al 2009, Chacón et al 2011).

6 NUMERICAL RESULTS

The experimental results presented in previous sec-
tions pinpoint that the susceptibility to local buckling
is not reproduced adequately with the limiting ratio
D/t. This section provides further information related
to the physical phenomenon that clarifies the struc-
tural problem to some extent. The results are separated
in two sub-sections, namely, pure compression and
pure bending. Due to space constraints, the combined
bending and compression phenomenon is not treated
herein.

6.1 Pure compression

CFT subjected to pure compression show different
structural response depending on theD/t ratio. Expect-
edly, the prototypes with high D/t undergo local
buckling at early load stages whereas prototypes with
low D/t show considerable yielding at failure load.
The “axial force” – “longitudinal displacement” curve
of the prototype L= 10m, D= 1m and t= 10mm
is given in Fig. 6 for various values of steel yield
strength fy.All prototypes presented in this plot should
be labeled as “prone to local buckling” according
to EN1994. The structural response show different
branches. First, all prototypes exhibit an identical lin-
ear response. After awhile its slope changes suddenly.
This change is identified as a bifurcation point.
At this point, for the prototypewith fy = 235N/mm2,

the steel plate has already reached its yield strength.
The slope of the post-bifurcation point branch is very
low compared to the linear branch.
For the prototype with fy = 460N/mm2, the steel

plate has not yet reached its yield strength at the bifur-
cation point. The slope of the post-buckling branch
is considerably high. Eventually, the steel plate yields
and the post-buckling slope is degraded to the same
level as for the prototype with fy = 235N/mm2. For
high values of longitudinal displacement, the con-
crete core crushes (the longitudinal strain reaches
ε= 0,35%).
Fig. 7 shows the axial load as a function of the

radial displacement of a node located nearby the area
of local buckling (Fig. 8 shows this area). The bifurca-
tion point is noticeable (labeled as “buckling” in Fig. 6
and Fig. 7). The change of slope is particularly sharp
for the prototype with fy = 235N/mm2.
Fig. 8 shows the von Mises stresses of the steel

plate in a deformed shape obtained from the numeri-
cal simulations. The figure shows a detail of the fully
restrained bottom plate of the prototype. The buckling
mode is noticeable and additionally, according to the

Figure 6. Axial load-longitudinal displacement plot of pro-
totypes with high D/t ratio (D/t= 100).

Figure 7. Axial load-radial displacement plot of prototypes
with high D/t ratio (D/t= 100).

Figure 8. von Mises stresses at bifurcation point for a pro-
totype with high D/t ratio (D/t= 100) and fy = 235N/mm2.

color scale, it is observed that at buckling, the proto-
type has undergone severe yielding (the units of the
von Mises stresses are in N/m2).
On the other hand, Fig 9 shows the axial force-

longitudinal displacement curve of the prototype
L= 10m, D= 1m and t= 30mm for various values
of steel yield strength fy. All prototypes presented in
this plot should not exhibit local buckling accord-
ing to EN1994. In this case, the structural response
shows different stages. First, all prototypes exhibit an
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Figure 9. Axial load-longitudinal displacement plot of pro-
totypes with low D/t ratio (D/t= 33.33).

Figure 10. Axial load-radial displacement plot of prototypes
with low D/t ratio (D/t= 33.33).

identical linear response. Secondly, the initial linear
slope changes. This change is sharper for proto-
types with fy = 235N/mm2 than for prototypes with
fy = 460N/mm2 in which it is almost unnoticeable.
Themain difference between high and lowD/t ratios

stems in the axial force-radial displacement curve.
This radial displacement is shown in Fig. 10 and also
exhibits a change of slope. This occurs at considerable
higher values than in prototypes with high D/t ratio.
Moreover, the change of slope is not as sharp as the
one observed with more slender prototypes.
Fig. 11 shows the von Mises stresses (N/m2) of

the steel plate in a deformed shape obtained from
the numerical simulations at the point at which the
slope changes. No out-of-plane deformation is notice-
able. It is also observed that at buckling, the proto-
type has not yet undergone any noticeable yielding
(fy = 460N/mm2).

6.2 Pure bending

The numerical simulations of a prototype subjected to
pure bending are developed in CFT subjected to lat-
eral displacements at the upper cross-section as shown
in Fig. 3. No previous axial force is applied for these
cases. A lateral displacement � of an element with

Figure 11. von Mises stresses at the change-of-slope
point for a prototype with low D/t ratio (D/t= 33.33) and
fy = 460N/mm2.

Figure 12. Resulting internal forces.

fully restrained end cross-sections develops internal
forces as shown in Fig. 12. The resulting bend-
ing moments generate both compressive and tensile
stresses in the CFT. These compressive stresses may
cause buckling of the steel plate.
In an incremental process, the relationship between

the displacement� and the resulting bending moment
M is initially linear. At high load stages this process
might become considerably nonlinear due to various
reasons (buckling, yielding, cracking). Fig 13 shows a
render from a process of a CFT subjected to an incre-
mental � displacement. The render shows a view cut
detail of the fully restrained bottom cross-section at
which local buckling occurs. The chosen prototype
has dimensions L= 10m, D= 1m, t= 10mm. Clear
separation between materials is observable.
As a matter of fact, the relative displacement

between the concrete core and the steel plate varies
throughout the incremental process. Fig. 14 shows the
absolute displacement of two nodes (whose position
is indicated in Fig. 13) as a function of the step-time
of the incremental process. The first node belongs to
the concrete core and the second node belongs to the
steel plate. Both nodes are adjacent and in absence of
local buckling, both nodes are expected to undergo the
same level of displacement. In Fig. 14, it is observed
that the displacement of both nodes may be sepa-
rated in three different zones. Zone A, at which both
nodes exhibit identical displacement. ZoneB, at which
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Figure 13. Separation between concrete and steel in the
compressed area of the bottom cross-section.

Figure 14. Radial absolute displacement of the nodes
located at adjacent positions of the steel plate and concrete
core.

there is a clear separation between both nodes (local
buckling zone) and Zone C, the post-buckling zone,
at which the concrete core exhibits a greater radial
deformation (there is no steel plate confining it) and
eventually, it reaches again the steel plate. An analysis
of such behavior has been performed for all specimens
belonging to the database presented in table 1.
Fig. 15 shows the difference between the absolute

displacements between both nodes. This difference is
labeled as the “relative” displacement between enti-
ties. It is observed that at ZoneA, the difference is null.
At Zone B, the relative displacement reaches a maxi-
mum value (1,85mm for this particular prototype) and
eventually, the relative displacement decreases to zero
at Zone C.
The magnitude of the maximum relative displace-

ment does not give further information about the
potential local buckling of the prototype. If, however,
this magnitude is expressed in terms of the plate thick-
ness, further information may be extracted from this
measure. Fig. 16 shows the maximum relative dis-
placement between nodes expressed as a percentage
of the plate thickness for different CFT (L= 10m,
D= 1m, varying t [10,15,20,25,30,35]mm). The
results are plotted as a function of the D/t ratio. The

Figure 15. Relative displacement between the nodes located
at adjacent positions of the steel plate and concrete core.

Figure 16. Relative displacement as a function of D/t.
L= 10m. D= 1m. fy = 235N/mm2.

Figure 17. Relative displacement as a function of fy.
L= 10m. D= 1m. t= 10mm. D/t= 100.

relationship between both magnitudes is clearly expo-
nential.A best fit curve is also plotted with the results.
This fit is quite accurate according to the regression
coefficient R2=0,992. Noticeably, the higher the D/t
ratio, the higher relative displacement between the
concrete core and the steel plate is. In terms of the
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plate thickness, the results vary ranging from 1% to
18% of t.
Expectedly, the prototype that exhibits a greater

separation between materials presents a D/t= 100.
Unexpectedly though, this relative displacement is
dependent on the yield strength of the tube fy in such
a way that the higher the fy, the lower the separation.
This observation contradicts the EN1994 limitation

D/t< 90·ε2 but is in fully accordance with the results
presented in sub-section 6.1 for compressed members.

7 CONCLUSIONS

On the one hand, the experimental results presented
in this paper show that the ultimate load capacity of
CFT subjected to compressive loads is not particularly
sensitive to the susceptibility to local buckling that is
defined in EN1994.
On the other hand, the numerical results pre-

sented provide a phenomenological insight concerning
local buckling in CFT. Failure modes and structural
responses of CFT subjected to both compressive and
bending loads are described. This insight gives hints
about the pre- and post buckling behavior of CFT.
Preliminary results show that the EN1994 limitation
concerning the susceptibility to local buckling is con-
tradictory to the hitherto observed trends. A more
detailed research program concerning this important
topic is being performed by the research team.
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Concrete filled circular hollow sections under cyclic axial loading
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University of Warwick, UK

ABSTRACT: This paper describes investigations into the structural response of concrete-filledCircularHollow
Sections (CHSs) under cyclic axial loading. The research is based primarily upon laboratory testing. A series
of tests on both hot-formed and cold formed concrete-filled CHSs with a non-dimensional global slenderness
in the region of 1 were conducted to investigate key structural responses including first cycle peak load, post
buckling resistance, reserve strength, ductility level and energy dissipation. Measurements were taken of cross-
section geometry, geometric imperfections andmaterial properties. Key test results and sample load-deformation
histories are presented. The generated structural performance data will be exploited to calibrate the numerical
finite element models which will be used for further parametric studies.

1 INTRODUCTION

A variety of structural systems are used in seismic
buildings to provide lateral stability and dissipate
energy.Among these, concentrically braced frames are
often favoured for simplicity of design. Furthermore,
they are more susceptible to ductile failure modes, in
contrast to moment frames, which often undergo brit-
tle failure at the connection. Rectangular hollow steel
sections are usually selected as bracing members and
a significant amount of research has been carried out
on these to date, such as Nip et al. (2010), comparing
the response of hot-rolled carbon, cold-formed steel
and stainless steel sections under cyclic axial loading.
In addition to this, several researchers have explored
the behavior of concrete-filled steel rectangular sec-
tions, such as Broderick et al. (2005), Lee et al. (2000)
and Liu &Goel (1988). Concrete-filled tubular braces
are becoming increasing popular for this application
owing to their excellent strength and ductility in com-
parison with hollow steel sections. The contribution of
concrete enhances the strength of these slender braces
in compression, delaying the onset of local buck-
ling and reducing the difference in resistance between
compressive and tensile loading.
In practice, circular hollow sections are often over-

looked, since more intricate connections are required.
However, research to date, such as Elchalakani et al.
(2003) and Martinez-Saucedo et al. (2008) have
demonstrated that hollow circular steel members are
also highly suitable for use as bracing members, as
they are not as sensitive to local buckling as rectan-
gular sections owing to the more uniform shape. The
advantages of this section could be utilized further by
using concrete-filled circular hollow sections as brac-
ing members. The homogeneity of confining pressure
on the concrete core and outward pressure on the steel
tube provides the optimum cross-section.

Hence, this research will compare the resistance of
hollow and concrete-filled circular tubes of both hot-
rolled and cold-formed steel. A series of laboratory
tests will be carried out, applying a cyclic axial load
to each specimen in accordance with ECCS guidelines
(1986). Intermediate-length bracing members will be
tested, having a non-dimensional slenderness in the
region of 1.0 in accordance with BS EN-1993-1-1
(2005) and BS EN 1994-1-1 (2004).

2 EXPERIMENTAL STUDY

2.1 Introduction

A series of tensile steel material tests, compres-
sive concrete material tests and column tests under
cyclic axial loading were carried out to investigate
the structural behaviour of concrete-filled circular
hollow sections under cyclic axial loading. All tests
were performed in the Structures Laboratory of the
School of Engineering, University of Warwick.

2.2 Tensile coupon tests

Tensile coupon tests were performed to establish the
basic material stress-strain response; this was subse-
quently utilised during the analysis of the member test
results and in the development of numerical models.
The tests were carried out in accordance with BS EN
ISO 6892-1 (2009).
Two types of steel section were employed for this

research: A hot-finished circular tube with a nomi-
nal yield stress of 355N/mm2 and wall thickness of
3.2mm (Celsius 355) and a cold-formed tube with
a nominal 0.2% proof stress of 355N/mm2 and a
wall thickness of 3.0mm (Hybox 355). Both sections
had an outer diameter of 48.3mm. For each material,
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Figure 1. Tensile coupon locations and dimensions.

Figure 2. Tensile testing set-up.

4 longitudinal coupons were taken from different
locations around the cross-section circumference.
The coupon locations and dimensions are shown in
Figure 1.
The test set-up is shown in Figure 2. The coupon

endswere flattened prior to testing in order to fit inside
the grips of the testing machine. While this process is
thought to have locally work-hardened the end por-
tions, the coupons were dimensioned so as to mitigate
the effect of this hardening on the central region.
Typical stress-strain relationships obtained for both

hot-rolled and cold-formed steel coupons are pre-
sented in Figure 3. The results correlate closely to
those expected, with the hot-rolled steel exhibiting
reasonably linear behaviour up to yield, followed by
a plateau before advancing to the strain hardening
region. The cold-formed steel on the other hand is

Figure 3. Stress-strain relationships from tensile coupon
tests.

Table 1. Results of tensile coupon tests.

Yield stress/ Ultimate

0.2% proof tensile Young’s

stress Stress modulus % elongation

Steel (N/mm2) (N/mm2) (N/mm2) after fracture

Hot-rolled 415 546 206000 37

Cold-formed 499 573 184000 30

significantly more non-linear in the initial stages and
does not display the same plateau as the hot-finished
coupons.
The average yield stress (hot-rolled)/0.2% proof

stress (cold-formed), ultimate stress,Young’s modulus
and percentage elongation after fracture are presented
in Table 1 for both types of steel. In determining the
values, the seam weld-coupon results were omitted.

2.3 Concrete material tests

A number of trial concrete mixes were carried out.
Water-cement ratios and proportions of coarse and fine
aggregate were varied in order to meet two objectives.
The first objective was a compressive strength in the
region of 20–25MPa. This is to meet the minimum
strength requirement of Grade 20 for seismic applica-
tions, specified in BS EN 1998-1. Also, it has been
found that higher concrete strengths do not provide
much benefit – this was shown by Broderick et al.
(2005) for strengths greater than 28MPa. The sec-
ond objective was to achieve satisfactory compaction
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Table 2. Concrete mix proportions by weight.

Water Cement Coarse aggregate Fine aggregate

0.72 1 2.3 2.86

Table 3. Compressive strength and static elastic modulus.

7 day 28 day Test date Static elastic
strength strength strength modulus
N/mm2 N/mm2 N/mm2 N/mm2

17.14 25.1 29.4 20100

for the long, slender tubes. Various methods of vibra-
tion were investigated and an effective procedure was
developed using a beam-vibrator and a rubber mal-
let. Specimens were cast vertically, with the vibrator
clamped onto a loosely bolted steel frame which was
in direct contact with the test specimen. This arrange-
ment was found to provide ample pulsation without
leading to segregation and the method was aided by
gently tapping the sides of the tube with the mallet.
The tubes were filled in layers, with continuous vibra-
tion of the frame during casting and application of the
mallet after each layer. After casting, the tops of the
tubes were sealed with plastic to prevent the escape
of moisture during curing. The design concrete mix is
shown in Table 2.
The concrete mix used a maximum aggregate size

of 6.35mm had a high percentage of water and fine
aggregate. The compressive strength was obtained in
accordance with BS EN 12390-3 (2003) at 7 days,
28 days and the day of testing. In addition to this,
the static elastic modulus on the test date was also
measured. The values for these are given in Table 3.

2.4 Column tests

Cyclic axial tests were performed on six tubular
columns, three ofwhich consisted of hot-finished steel
and the remaining three of cold-formed steel. For
each steel type, one specimen was hollow, while the
remaining two were filled with concrete.

2.4.1 Specimen preparation
All specimens were circular sections, with an outer
diameter of 48.3mm and a length of 1500mm. All
concrete-filled specimens were cast with the concrete
mix given in Table 2 and compacted as described
in Section 2.3. Following casting, both hollow and
concrete-filled tubes were welded onto 25 mm thick
steel end plates, and two outer stiffeners of dimensions
125mm× 50mm× 8mmwere welded onto each end
as shown in Figure 4.
A small hole was drilled in the centre of the end-

plates, in order to facilitate the escape of water vapour
from the tube during welding. After manufacture,

Figure 4. Cyclic test specimen details.

Table 4. List of test specimens and global imperfections.

Global imperfection
Label Steel Infill mm

HR-H hot-finished hollow 0.58
CF-H cold formed hollow 0.73
HR-F1 hot-finished concrete 0.37
HR-F2 hot-finished concrete 0.38
CF-F1 cold formed concrete 0.73
CF-F2 cold formed concrete 0.67

plaster was injected through the hole to fill the gap
between the top surface of the concrete and the
end-plate.
Specimen imperfections were measured at 30mm

intervals along each of four faces, in order to obtain the
maximumglobal imperfection.A list of test specimens
and corresponding maximum global imperfections is
given in Table 4.

2.4.2 Test procedure
Specimens were tested in a purpose-built test rig,
illustrated in Figure 5. The end plates were bolted
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Figure 5. Test-rig and instrumentation.

Figure 6. Cyclic loading protocol.

into the test-rig using six M16 bolts at each end and
a cyclic load was applied using a 50-tonne hydraulic
actuator.
The loading protocol used (Fig. 6) was that out-

lined in ECCS (1986), in which one compression and
tension cycle is applied at each of the following dis-
placement amplitudes: 0.25δy. 0.5δy. 0.75δy. 1.0δy.
followed by three displacement amplitudes at each of
the following 2δy. 4δy. 6δy. 8δy, etc. up to failure,
where δy is the yield displacement of the specimen
obtained from tensile coupon tests.
The axial load and displacement were monitored

throughout the tests and in addition to this, the lat-
eral displacement at mid-height was measured in two
orthogonal directions, and axial strains at 12 points on
the tube – four strain gauges on the four faces (Fig. 7),
at the top, middle and bottom of the specimen. Some
measures were taken to account for slip at connections
and the flexibility of the test rig: HSFG bolts were
utilized at the four corners, and the vertical displace-
ment of the top beam was monitored throughout the
test using an LVDT. This enabled axial displacement
measurements to be adjusted accordingly.

Figure 7. Strain gauge locations.

Figure 8. Deformation and failure of HR-H.

2.4.3 Test results
2.4.3.1 Deformation and failure
All specimens buckled predominantly about the
unstiffened axis, regardless of the direction of the
maximum imperfection.The hollow specimens, HR-H
and CF-H exhibited overall member buckling during
the 5th loading cycle, followed by local inward buck-
ling at mid-height during greater displacement ampli-
tudes. The extent of this local deformation increased
as cycles progressed, until finally a crack propagated
across this region during a tensile loading. Local buck-
ling was mainly concentrated at the mid-height, with
no noticeable buckling at the end regions, for either
HR-H or CF-H. The failure of HR-H is depicted in
Figure 8.
In the case of the concrete-filled tubes, overall buck-

ling occurred in the 5th cycle, similarly to the hollow
tubes. However, as the axial displacement increased,
local inward buckling was delayed by the presence
of the concrete. Curvature at the mid-height was less
severe and distributed over a greater distance, as shown
in Figure 9, allowing it to undergo larger displace-
ment cycles. In contrast to the hollow tubes, in which
the plastic hinge was confined to the mid-height, sig-
nificant bending was also observed at the ends of
the unstiffened length. Specimen HR-F1 showed both
inward and outward local buckling at the mid-height
and base, and eventually ruptured at these locations.
In addition to the buckling, considerable necking was
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Figure 9. Deformation of HR-F1.

Figure 10. Failure at mid-height and base of HR-F1.

observed at the base of HR-F1, which can be seen in
Figure 10.
Specimens HR-F2, CF-F1 and CF-F2 responded in

a similar manner to HR-F1, developing plastic hinges
near the top, middle and base of the specimens. The
severity of local buckling and location of ultimate
steel rupture varied from specimen to specimen, with
HR-F2 failing near the top, and CF-F1 and CF-F-2
failing close to the base. Figure 11 shows the central
and base regions of CF-F2. Here, the local bucking at
mid-height (left) was not as severe as for HR-F1 and
hence rupture occurred at the base.
A summary of the maximum compressive and ten-

sile loads and number of cycles to failure is given in
Table 5. Tensile forces (Nt,max) are normalized with
respect to the expected yield force from the tensile
coupon tests (Nt,y).The first cycle peak buckling loads
(Nc,max) are normalized with respect to the predicted
buckling loads (Nb,Rd) given in BS EN 1993-1-1 and
BS EN 1994-1-1 for the hollow and filled speci-
mens respectively. Non-dimensional slenderness (λ)
and buckling loads were calculated for hot-rolled and

Figure 11. Mid-height region and base of CF-F2 at failure.

Table 5. Maximum numbers of cycles and loads.

No of
cycles to Ntmax Nt,max/ Ncmax Nc,max/Nb,Rd

ID fracture kN Nt,y kN λ (EC3/EC4)

HR-H 17 180 0.96 155 0.78 1.17
CF-H 14 209 0.98 151 0.90 1.43
HR-F1 28 198 1.05 174 0.81 1.14
HR-F2 19 198 1.05 175 0.81 1.15
CF-F1 15 220 1.03 174 0.92 1.18
CF-F2 16 216 1.01 164 0.92 1.11

concrete-filled tubes using buckling curve ‘a’ and for
the hollow cold-formed tube using buckling curve ‘c’.
The maximum tensile loads for both hot-rolled and

cold-formed hollow sections are slightly less than
those predicted from thematerial tests, possibly owing
to softening of the material from previous cycles, or
from the residual out-of-straightness following elon-
gation during buckling. The maximum tensile loads
for concrete-filled specimens slightly exceed the pre-
dicted yield load, with the concrete infill providing
average improvements of 9.4% and 4.1% for hot-
rolled and cold formed filled tubes respectively in
comparison with their hollow counterparts.
The first cycle buckling loads also exceed BS EN

1993-1-1 (2005)/BS EN 1994-1-1 (2004) predictions
in all cases, with the hollow cold-formed section CF-H
displaying a more noticeable increase than the hot-
rolled or filled tubes.

2.4.3.2 Ductility level and energy dissipation
Load-displacement hysteresis curves for each speci-
men are presented in Figures 12–17.
Hot-rolled and cold formed members pro-

duced similar hysteresis curves, showing significant
decreases in compressive and tensile peak loads dur-
ing the second and third cycles at each displacement
amplitude, and gradual degradations in compression
and tension loads with increasing axial displace-
ments. Concrete-filled tubes displayed noticeably
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Figure 12. Load-displacement response for HR-H.

Figure 13. Load-displacement response for CF-H.

Figure 14. Load-displacement response for HR-F1.

Figure 15. Load-displacement response for HR-F2.

fuller shaped curves than hollow members, and the
curve for hot-rolledmembers was also amore rounded
shape than for cold-formed.Also, concrete-filled tubes
maintained a higher compressive resistance and more
stable behaviour up to the maximum compressive
displacement amplitude than hollow tubes. This is
illustrated in Figures 18 and 19 for hot-rolled and
cold-formed members respectively in their 13th
cycles.
The load-displacement relationships show a low

stiffness when loading in tension and a possible expla-
nation for this is the elongation of specimens during
compression cycles,which are then restraighteneddur-
ing tensile loading. Test data shows that a residual
lateral deflection was always present after the initial
buckling, which supports this explanation.

Figure 16. Load-displacement response for CF-F1.

Figure 17. Load-displacement response for CF-F2.

Figure 18. Load-displacement hysteresis for HR-H and
HR-F1 in the 13th cycle.
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Displacement ductility ratios are presented in
Table 6 for each specimen, which is defined as
μ� = δmax/δy, where δmax is the maximum axial dis-
placement.
SpecimenHR-F1exhibited significantly better duc-

tility than the other five specimens.With the exception
of this specimen, values for μ� did not differ between
hollow and concrete-filled specimens. Comparing
hot-rolled and cold-formed steels, it is found that the
former gave a superior performance to the latter in
terms of ductility.
The energy dissipation for each member was eval-

uated using the area under the hysteresis curve and
values are presented in Table 6 for the energy dissi-
pated during the 8th, 11th and 14th cycles, and for the
total energy dissipated per specimen up to failure.
Generally, cold-formed members dissipated more

energy per cycle, as a results of a having a higher yield
stress but did not endure as many cycles as the hot-
rolled specimens, leading to lower overall amounts of
energy dissipation. This is illustrated in Figure 20.
The presence of concrete does not appear to increase

the energy dissipated per cycle, but prolongs the dura-
tion of the specimen enabling it to withstand a greater
number of cycles prior to failure. This is particularly
noticeable for specimen HR-F1, which dissipated a
total of 96 kNm – almost three times greater than
the hollow equivalent, HR-H. Figures 21 and 22
compare the energy dissipated between filled and hol-
low specimens for hot-rolled and void-formed steels
respectively.

Figure 19. Load-displacement hysteresis for CF-H and
CF-F1 in the 13th cycle.

Table 6. Energy dissipated at various stages of testing.

Energy dissipated Energy dissipated Energy dissipated Total
in 8th cycle in 11th cycle in 14th cycle energy

specimen μ� kNm kNm kNm kNm

HR-H 10 2.6 3.5 4.1 33.6
CF-H 8 4.4 5.3 2.5 28.8
HR-F1 16 3.2 4.1 4.8 96.7
HR-F2 10 2.4 3.3 4.0 48.0
CF-F1 8 4.5 5.5 6.1 37.4
CF-F2 8 4.4 5.4 6.1 41.8

Figure 20. Energy dissipation for HR-H and CF-H.

Figure 21. Energy dissipation for hot-rolled test specimens.

Figure 22. Energy dissipation for cold-formed test
specimens.
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3 CONCLUSIONS

It has been shown that concrete-infill enhances
the performance of circular tubular steel members,
although perhaps not to the same extent as rectangular
hollow members. The uniformity of the cross-section
ensures a more stable response, and provides superior
durability under seismic loading.
Now that intermediate-length specimens have been

tested, there is scope for further research looking at the
resistance of longer members, with a non-dimensional
slenderness in the region of 2. The effect of infill and
cross-section shape for more slender circular mem-
bers will need to be explored in a similar manner to
establish relationships between non-dimensional slen-
derness and a variety of parameters, such as ductility,
strength degradation and energy dissipation.
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ABSTRACT: This paper describes 49 experimental tests conducted on rectangular and square tubular columns
filled with high strength concrete subjected to a non-constant bending moment distribution. The test parameters
were the length (2, 3 and 4m), the cross-section aspect ratio (square or rectangular), the wall thickness (4 or
5mm), and the ratio of the top and bottom first order eccentricities r= etop/ebottom (1, 0.5, 0 and −0.5). The
effect of slenderness combined with the influence of variable curvature is compared with the design loads from
Eurocode 4. The results show that for the slender elements of this experimental campaign the code presents an
error close to 4%. It proves that this standard is applicable to high strength concrete, although the concrete tested
is outside the upper bound of Eurocode 4 specifications.

1 INTRODUCTION

The use of normal strength concrete-filled tubu-
lar (CFT) columns has been widespread for some
decades due to their high stiffness, ductility, and
fire resistance, and has been well summarized by
Shams & Saadeghvaziri (1997), Shanmugam &
Lakshmi (2001), Gourley et al. (2008), and more
recently by Zhao et al. (2010). Moreover, the use
of high-strength concrete (f ′c> 50MPa) has become
more frequent due to advances in technology, mainly
those affecting elements subjected to high compres-
sion. However, it was concluded from previous stud-
ies that further experimental tests for high strength
concrete-filled (HSC) columns were necessary,
Gourley et al. (2008).
Different authors stated that as high strength con-

crete is characterized by low dilatation, a substan-
tial confinement effect does not occur (Johansson &
Gylltoft 2001, Zeghiche & Chaoui 2005). Further-
more, for rectangular CFT columns the confinement
is generally neglected due to non-uniform lateral
pressure distribution across the section.
Several authors have presented studies for slen-

der rectangular CFT columns where an axial load is
applied in combinationwith an eccentricity in the load.
In most cases the eccentricity is the same at both ends,
producing a constant bending moment distribution,
i.e. constant curvature. The first tests were performed
by Knowles & Park (1969), followed later by Bridge
(1976). Han (2000) studied tubular columns with a
high slenderness ratio but with normal strength con-
crete, concluding that the strength of the concrete has

very little influence on the ultimate capacity given
that the failure load is governed by the flexural rigid-
ity. Recently Yu et al. (2008) published the results
of research on circular, square, short and long CFTs
filled with high performance self-consolidating con-
crete.The resultswere in agreementwith design values
calculated using different design codes. Also, Han &
Yao (2003, 2004), Lee (2007) andZhang&Guo (2007)
have performed experimental tests combining slender
rectangular CFT columns with HSC and eccentricity.
Though a large body of research for CFT columns

exists, it was found that cases where the eccentricity
is different at both ends of the columns, producing a
non-constant bending moment, were not well studied
in the bibliography. Besides, if one of the eccentricities
is positive and the other negative a double curvature
in the element occurs. This problem directly affects
slender, but not stub, columns as it changes the val-
ues of second order bending moments. Eurocode 4
(2004) provide an equivalent moment factor (β and
Cm respectively) that depends on the type of bending
diagram. Goode (2008) compiled the results of sev-
eral tests, and compared them with Eurocode 4 (2004)
provisions, reaching the conclusion that although for
circular sections the provisions could be extended
to a strength of concrete of 75MPa, more tests are
needed mainly for long circular tubular columns in
combination with a bending moment. He did not
present any results regarding double curvature.
For circular columns, only Kilpatrick & Rangan

(1999), and Zeghiche & Chaoui (2005) have per-
formed tests with different eccentricities at both ends.
In the latter, the test parameters were slenderness,
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eccentricity, and single and double curvature. The
comparison with EC4 provisions results on the unsafe
side for variable curvature. They stated that more
numerical and experimental tests should be performed
to check the validity of the buckling designmethods of
Eurocode 4 (2004) in the case of high strength concrete
for single and double curvature.
The authors compiled and updated the databases

of Kim (2005) and Goode (2008) totaling close to
1400 rectangular experimental tests. From this new
database, it was concluded that there is a lack, both
for normal and high strength concrete, of tests for
columns with non-constant bending moment.
For rectangular columns, Wang (1999) presented

an experimental study where eight tests on normal
strength concrete-filled columnswere carried out with
end eccentricities which produced moments other
than constant curvature bending. He concluded that
Eurocode 4 was safe but very conservative in some
cases.
The authors (Hernandez-Figueirido et al. 2011)

presented previously the first results of an experi-
mental campaign for rectangular CFT columns for
both constant and variable curvature with normal and
high strength concrete but for columns with a length
of 2m and a medium slenderness.
This paper supplements this previous research with

the results of the variable curvature tests for rectangu-
lar columns for cases with different lengths (L= 2, 3
and 4 meters) studying the effect of the slenderness on
high strength concrete-filled columns.The test param-
eters were the length, the type of cross-section, the
thickness (4 or 5mm) and the ratio of the top and
bottom first order eccentricities r= etop/ebottom (1.0,
0.5, 0.0 and −0.5). In these tests the load eccentricity
at the ends is fixed and the maximum axial load of
the column is evaluated and compared with the design
loads from Eurocode 4 (2004).

2 EXPERIMENTAL TESTS

2.1 Introduction

In this experimental program forty-six tests were car-
ried out on high strength concrete-filled columns,
referring to Table 1. Tests were repeated on three
additional columns to demonstrate the reliability
of the experiments, cases 2, 8 and 41, adding up to a
total of forty-nine tests.
The aim of this test matrix was to investigate the

effect that the slenderness of the column in com-
bination with a variable bending moment has on
their behavior, focusing on HSC. The effective buck-
ling lengths of the columns (Lb) are the length of
the tubes plus 135mm, since to obtain the exact
distance between the hinges it is necessary to add
the special assembly length. The nominal cross-
section of the tubes (height h×width b× thickness
t) measured 100× 100× 4mm, 100× 150× 4mm,
100× 150× 5mm, respectively. The thicknesses of

the tubes were selected in order to avoid local buck-
ling following Eurocode 4 (2004).
In this paper the nominal strengths of concrete are

always 90MPa and the axial load is applied with two
different eccentricities at the top (20 or 50mm) to
strong axis bending to avoid any possible interaction
between the strong and weak axes. The initial out-
of-straightness of the steel tubes was not measured
due to its difficulty. However, they accomplish the
European fabrication standard EN 10219 what limits
the maximum value to L/333.
All of the tests were performed in the laboratory

of the Department of Mechanical Engineering and
Construction of the Universitat Jaume I in Castellon,
Spain.

2.2 Material properties

The hollow steel tubes were cold formed and sup-
plied by amanufacturer.The nominal yielding strength
of the steel was 275MPa with an ultimate nomi-
nal strength of 330MPa. However, the real strength
(fy) of the empty tubes was obtained by coupon test
and compression stub section, referring to Table 1.
The modulus of elasticity Es of the steel was set by
European standards with a value of 210GPa.
All columns were cast using concrete batched in the

laboratory obtaining an approximate nominal concrete
strength of 90MPa (HSC). The concrete compressive
strength fc (termed also f

′
c in ASIC code) was deter-

mined from a mean of three 150× 300mm cylinders
using standard tests. All samples were tested on the
same day as the column tests, 28 days, and the results
are given in Table 1.

2.3 Manufacture of the columns

A 350mm× 350mm× 10mm steel plate was welded
to the bottom of each empty steel tube to facilitate the
casting of the fresh concrete and to join the element
to the pinned support assembly. The elements were
then cast in a vertical position and the concrete was
vibrated every 0.5m with a needle vibrator. The tubes
were overfilledwith 1 cmof concrete and later covered
with wet cloth. Prior to the test, the residual layer of
concrete was smoothed and the columns were sealed
off with another similar welded plate to ensure perfect
contact between the plates and the steel and concrete
core.

2.4 Test setup and procedure

The specimens were tested in a special 5000 kN capac-
ity testing machine in a horizontal position, Figure 1.
The eccentricity of the compressive load applied

was equal at both ends in some cases (20mm or
50mm), so the columns were subjected to constant
curvature bending, whereas in the remaining cases a
non-constant bending moment was produced.
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Table 1. Tests properties and results.

Test b h t L (mm) etop (mm) ebot (mm) r fy (MPa) fc (MPa) Nexp (kN)

1 100 100 4 2135 20 −10 −0.5 346 92 737
2 100 100 4 2135 20 −10 −0.5 371 93 758
3 100 100 4 2135 20 0 0 363 89 652
4 100 100 4 2135 20 10 0.5 280 93 525
5 100 100 4 2135 20 20 1.0 375 88 490
6 100 100 4 2135 50 25 0.5 358 87 383
7 100 100 4 2135 50 50 1.0 358 91 321
8 100 100 4 2135 50 50 1.0 371 93 323
9 100 100 4 3135 20 −10 −0.5 353 97 502
10 100 100 4 3135 20 0 0 363 92 410
11 100 100 4 3135 20 10 0.5 280 86 363
12 100 100 4 3135 20 20 1.0 375 74 381
13 100 100 4 3135 50 −25 −0.5 358 96 357
14 100 100 4 3135 50 0 0 346 92 316
15 100 100 4 3135 50 25 0.5 358 90 218
16 100 100 4 3135 50 50 1.0 292 87 230
17 100 100 4 4135 20 −10 −0.5 280 88 367
18 100 100 4 4135 20 10 0 280 96 254
19 100 100 4 4135 20 20 1.0 280 94 220
20 100 100 4 4135 50 25 0.5 369 92 184
21 150 100 4 2135 20 −10 −0.5 268 93 945
22 150 100 4 2135 20 0 0 280 90 926
23 150 100 4 2135 20 10 0.5 342 90 850
24 150 100 4 2135 20 20 1 298 86 804
25 150 100 4 2135 50 25 0.5 424 90 463
26 150 100 4 2135 50 50 1 341 77 466
27 150 100 4 3135 20 −10 −0.5 280 91 690
28 150 100 4 3135 20 0 0 280 84 562
29 150 100 4 3135 20 10 0.5 342 89 501
30 150 100 4 3135 20 20 1.0 298 84 460
31 150 100 4 3135 50 −25 −0.5 308 92 502
32 150 100 4 3135 50 0 0 362 91 430
33 150 100 4 3135 50 25 0.5 312 91 287
34 150 100 4 3135 50 50 1 341 89 309
35 150 100 5 2135 20 −10 −0.5 304 93 104
36 150 100 5 2135 20 0 0 370 89 106
37 150 100 5 2135 20 10 0.5 424 86 981
38 150 100 5 2135 20 20 1.0 459 83 935
39 150 100 5 2135 50 25 0.5 293 85 526
40 150 100 5 2135 50 50 1.0 368 84 528
41 150 100 5 2135 50 50 1 336 92 458
44 150 100 5 3135 20 −10 −0.5 336 91 692
43 150 100 5 3135 20 0 0 370 79 690
44 150 100 5 3135 20 10 0.5 424 85 622
45 150 100 5 3135 20 20 1.0 459 91 573
46 150 100 5 3135 50 −25 −0.5 306 85 548
47 150 100 5 3135 50 0 0 396 87 456
48 150 100 5 3135 50 25 0.5 332 91 328
49 150 100 5 3135 50 50 1.0 368 82 381

It was necessary to build up special assemblies
at the pinned ends to apply the load with different
eccentricities while maintaining the column in a
horizontal position, Fig 1.b, and c.
This figure presents a general view of the test

for a 2-meter-long specimen where a special anti-
torsion steel frame was built in order to avoid bottom
hinge torsion rotation. Five LVDTs were used to sym-
metrically measure the deflection of the column at
mid length (0.5 L) and also at four additional levels
(0.25 L, 0.37 L, 0.625 L, 0.75 L).

Once the specimen was put in place, it was tested
using a displacement control protocol in order to
measure post-peak behavior.

3 RESULTS

3.1 Force displacement

Table 1 lists the maximum axial load (Nexp) for the
forty-nine tests.
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Figure 1. General view of the tests.

For a better understanding of the influence
of the second order effects, Fig. 2 presents the
force-displacement curves for square cross-section
(100× 100× 4) and for tests with different lengths,
but only with opposing eccentricity ratios r= 1.0 and
−0.5 for simplicity.
The top eccentricity etop = 20mm is presented in

Fig. 2a and the top eccentricity etop = 50mm is pre-
sented in Fig. 2b in order to study the effect of this
parameter on global behavior. It is worth noting that
there is a lower number of tests with etop = 50mm.
In these tests, the general tendency of the curves
is as expected: for a given length when the eccen-
tricity at the bottom (minimum) is decreased (from
r= 1 to r= −0.5), therefore producing variable cur-
vature, Fig. 2a, the maximum load is increased (and
the midspan lateral displacement reduced) because
the second order bending moment is reduced. Also,

Figure 2. Axial load versus midspan displacement.

if cases with the same eccentricity ratio but differ-
ent lengths are compared, the maximum axial load is
higher if the length is lower.
It is interesting to observe that ductile post-peak

behavior is achieved for all cases, but it is always
slightly reduced for cases with lower length in com-
parison to those with higher length, that is, the slope of
the descending branch is more pronounced for lower
slenderness. Moreover, the cases with r= −0.5 differ
from the cases with r= 1.0 in the descending branch.
The slope is more gradual for cases with constant
curvature than for those with variable curvature.
From Table 1, it can be observed that the load is

obviously increased when the width or thickness of
the tube is increased. The results show for the limited
cases analyzed that the slenderness of the section, i.e.
width to thickness ratio (B/t), has a lesser effect than
directly increasing the area of concrete.
To complete the previous graph, Fig. 3 presents

the maximum load Nmax in terms of eccentricity ratio
(etop/ebot) for all tests with the smaller section. From
this figure it can be noted that the difference in the
ultimate axial load is higher among the cases of 2 and
3 meters than among the cases of 3 and 4 meters.
It is also possible to observe that this difference is

higher for the cases of r= −0.5 than for those where
r= 1.0. This is because the problem is clearly gov-
erned by the second order effects and the variable
bending moment has a higher effect in the cases with
lower slenderness.Amore in-depth examinationof this
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Figure 3. Axial load versus eccentricity ratio.

statement will be presented in the following sections
comparing different cases of etop/ebottom.

3.2 Observation of the deformed shape

The deformed shape obtained from the 5 LVDTs is
not presented in this paper for simplicity. However,
from its study, it can be affirmed that the displace-
ments are always in the same direction even in the
case of double curvature (r= −0.5). It can be noted
that for constant curvature themaximumdisplacement
is achieved in the midspan section, producing a sym-
metrical deformed shape while for double curvature
the maximum displacement is located to the left of the
midspan section, i.e. closer to the higher eccentricity,
producing an unsymmetrical deformed shape.
It is interesting to note that the behavior in terms of

the length is different for constant and variable cur-
vature. While for r= 1 the maximum displacement
is achieved for L= 4135mm and a lower one for
L= 2135mm, for r= −0.5 the maximum displace-
ment is achieved for L= 3135mm and a lower one
for L= 4135mm, which was initially surprising.
It can also be inferred that for the case of L= 4

meterswith r= −0.5 the second order effects are lower
and the first order curvature (variable) which depends
on the length is higher in comparisonwith r= 1.0.This
results in the element trying to bend in the negative
direction, drastically reducing the lateral deflection.

4 COMPARISONWITH EUROCODE 4
(CEN 2004)

The design of normal-strength concrete-filled tubu-
lar columns has to be carried out in Europe following
Eurocode 4 (2004) which limits the cylinder strength
of concrete to 50MPa for columns. The experiments
in this study aim to clarify whether Eurocode 4 is
still applicable to 90Mpa, and also whether the sec-
ond order effects, which depend on the slenderness
and the eccentricity ratio, are correctly accounted for.
This standard affirms that within the column length,
second order effects may be allowed for by multiply-
ing the greatest first order design bending moment
(MEd =N·etop) by an amplification factor. In addition,

Table 2. Calculation of second
order effects in Eurocode 4.

the value of the MEd is incremented in Eurocode 4
including the influence of the member imperfection,
e0 =L/300. Table 2 summarizes a comparison of the
equations for calculating the second order effects. The
remaining part of the description of the design method
(interaction diagrams) is not included for simplicity.
Since these test specimens are rectangular, the

increment in the resistance of the cross-section due
to the confinement effect is ignored and the partial
safety factor for steel and concrete is fixed at 1.Table 3
presents a comparison between the experiments
(Nexp) and the design load of Eurocode 4 (NEC4).
From Table 3 and Fig. 4 it can be stated that for

Eurocode 4 (2004) some of the cases are on the unsafe
side (Nexp/NAISC< 1) and others are on the safe side
(Nexp/NAISC> 1), reaching a mean value of 1.04 and a
standard deviation of 0.10 was obtained.
It is worth noting that the concrete tested is out-

side of the upper bound of Eurocode 4 specification.
It can be also observed that the cases with higher
axial load are always on the safe side.
From a detailed study of Table 3 it can be inferred

that Eurocode 4 is safer for r= −0.5 than for r= 1.0 if
the same length is studied. Also the ratio (Nexp/Ncode)
error increases in the unsafe side if the length or the
eccentricity increases. However there are particular
cases for Eurocode 4 code which present excessive
unsafe errors. It corresponds to the cases where the
second order effects are more important and are due
to an overestimation of the flexural stiffness E·I. This
indicates that the equation of the stiffness of the
section E·I needs correction. Some authors as for
instance Tikka and Mirza (2006) have proposed that
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Table 3. Error of Eurocode 4.

T b h t L (mm) etop (mm) ebot (mm) r Nexp (kN) NEC4 (kN) Nexp/NEC4

1 100 100 4 2135 20 −10 −0.5 737 655 1.12
2 100 100 4 2135 20 −10 −0.5 758 655 1.15
3 100 100 4 2135 20 0 0 652 611 1.06
4 100 100 4 2135 20 10 0.5 525 522 1.00
5 100 100 4 2135 20 20 1.0 490 511 0.95
6 100 100 4 2135 50 25 0.5 383 347 1.10
7 100 100 4 2135 50 50 1.0 321 293 1.09
8 100 100 4 2135 50 50 1.0 323 301 1.07
9 100 100 4 3135 20 −10 −0.5 502 450 1.11
10 100 100 4 3135 20 0 0 410 409 1.00
11 100 100 4 3135 20 10 0.5 363 356 1.01
12 100 100 4 3135 20 20 1.0 381 345 1.10
13 100 100 4 3135 50 −25 −0.5 357 332 1.07
14 100 100 4 3135 50 0 0 316 303 1.04
15 100 100 4 3135 50 25 0.5 218 256 0.85
16 100 100 4 3135 50 50 1.0 230 208 1.10
17 100 100 4 4135 20 −10 −0.5 367 287 1.27
18 100 100 4 4135 20 10 0 254 257 0.98
19 100 100 4 4135 20 20 1.0 220 254 0.86
20 100 100 4 4135 50 25 0.5 184 194 0.94
21 150 100 4 2135 20 −10 −0.5 945 829 1.14
22 150 100 4 2135 20 0 0 926 798 1.16
23 150 100 4 2135 20 10 0.5 850 777 1.09
24 150 100 4 2135 20 20 1 804 669 1.20
25 150 100 4 2135 50 25 0.5 463 503 0.92
26 150 100 4 2135 50 50 1 466 402 1.15
27 150 100 4 3135 20 −10 −0.5 690 576 1.19
28 150 100 4 3135 20 0 0 562 522 1.07
29 150 100 4 3135 20 10 0.5 501 515 0.97
30 150 100 4 3135 20 20 1.0 460 453 1.01
31 150 100 4 3135 50 −25 −0.5 502 431 1.16
32 150 100 4 3135 50 0 0 430 403 1.06
33 150 100 4 3135 50 25 0.5 287 335 0.85
34 150 100 4 3135 50 50 1 309 308 1.00
35 150 100 5 2135 20 −10 −0.5 104 962 1.08
36 150 100 5 2135 20 0 0 106 959 1.11
37 150 100 5 2135 20 10 0.5 981 888 1.10
38 150 100 5 2135 20 20 1.0 935 838 1.11
39 150 100 5 2135 50 25 0.5 526 515 1.02
40 150 100 5 2135 50 50 1.0 528 475 1.11
41 150 100 5 2135 50 50 1 458 475 0.96
44 150 100 5 3135 20 −10 −0.5 692 673 1.02
43 150 100 5 3135 20 0 0 690 615 1.12
44 150 100 5 3135 20 10 0.5 622 593 1.04
45 150 100 5 3135 20 20 1.0 573 581 0.98
46 150 100 5 3135 50 −25 −0.5 548 499 1.09
47 150 100 5 3135 50 0 0 456 485 0.93
48 150 100 5 3135 50 25 0.5 328 404 0.81
49 150 100 5 3135 50 50 1.0 381 359 1.06

Avg. 1.04

the flexural stiffness E·I must dependent not only on
the material and geometry but also on the eccentricity
and the slenderness.

5 CONCLUSIONS

The paper describes forty-nine experimental tests
conducted on rectangular and square tubular columns

filled with high strength concrete subjected to axial
load and a non-constant bending moment distribution.
The following conclusions can be summarized:

– For a given length, when the eccentricity at the
bottom (minimum) is decreased (from r= 1.0 to
r= −0.5), therefore producing variable curvature,
the maximum load is increased (and the midspan
lateral displacement reduced) since the second
order bending moment is reduced. It is interesting
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Figure 4. Predicted load of Eurocode 4 versus experimental
load.

to observe that ductile post-peak behavior is
achieved for all cases, but is always slightly reduced
for cases with lower length in comparison with
higher length, that is, the slope of the descending
branch is more pronounced for lower slenderness.
Moreover, the cases with r= −0.5 differ from those
with r= 1.0 in the descending branch. The slope
is more gradual for cases with constant curvature
than for those with variable curvature.

– For longer elements, the problem is clearly gov-
erned by the second order effects and the variable
bending moment has a higher effect for lower
slenderness.

– It is interesting to observe that the behavior in
terms of the length is different for constant and
variable curvature. While for r= 1 the maximum
displacement is achieved for L= 4135mm and the
lower one for L= 2135mm, for r= −0.5 the max-
imum displacement is achieved for L= 3135mm
and the lower one for L= 4135mm, which was
initially surprising. But it can be inferred that for
the case of L= 4 meters with r= −0.5 the second
order effects are lower and the first order curvature
(double), which depends on the length, is higher
in comparison with r= 1.0. This results in the ele-
ment attempting to bend in the negative direction
drastically reducing the lateral deflection.

– Second order effects depend not only on the slen-
derness but also on the eccentricity and the first
order bending moment, which agrees with the pro-
posal by other authors (Tikka and Mirza 2006) to
combine all the effects together inside the defini-
tion of the stiffness E·I, making this dependent not
only on the materials and the section, but also on
the slenderness and the eccentricity.

– The experimental ultimate load of each test was
compared with the design loads from Eurocode 4,
presenting an average error close to 5%.The results
show for the limited cases tested that this code is
applicable to high strength concrete.

– However there are particular cases which present
excessive unsafe errors. It corresponds to the cases
where the second order effects are more important
and are due to an overestimation of the flexural
stiffness EI. This result indicates that the equa-
tion of the flexural stiffness of the section E·I in

combination with the equivalent moment factors
(β) need correction.
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Static behavior of T-shaped concrete-filled steel tubular columns
subjected to eccentric compressive loads
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ABSTRACT: Special-shaped column frame structures improve residential architectural space, by eliminating
the exposure of column corners to indoor space. Due to improvement in constraint effect for concrete, special-
shaped Concrete-Filled Steel Tubular (CFST) columns are expected to have advantages in mechanical behavior.
In the meanwhile, steel plates’ premature local buckling and concave corner’s separation between steel tube and
concrete should be given more attention.The tensile bar stiffener, welded on inside tube surfaces, was introduced
in this paper. Experimental study of 4 T-shaped columns subjected to eccentric compressive loads was carried
out. Parametric impact analysis was emphasized on the constraint effect, the eccentricity and the specimen
type. Failure modes and static mechanical properties were investigated. Experimental results showed that: the
tensile bar stiffener effectively restrains the deformation at welds of steel plates and concave corners; the CFST
specimens are provided with better comprehensive mechanical performance, especially for the stiffened CFST
specimens.

1 INTRODUCTION

Columns in traditional frame structures, with cor-
ners extended into indoor space, normally have larger
cross-sectional depths than those of adjacent infilled
walls, leading to the reduction of usable utilization
area and disturbance to indoor environment (Figure 1).
Recently, special-shaped columns, as an improved
architectural approach, have been increasingly intro-
duced into residential and commercial buildings.
Smooth jointing of special-shaped columns and adja-
cent infilled walls guarantees the efficiency of indoor
space and useability of corner locations (Figure 2).
Systematic research and extensive engineering

practice is mainly on the RC special-shaped column.
Early studies focusedon the static behavior ofT-shaped

Figure 1. Joints in frame structure with rectangular columns.

and L-shaped stubs, subjected to axial compressive
load and biaxial eccentric compressive load, based on
which, resistance interaction curves for practice were
proposedby Joaquin (1979), Cheng & Hsu (1989),
Mallikarjuna & Mahadevappa (1992), Dundar &
Sahin (1993) and Yau (1993). Since 2000, with the
development of housing industry in China, further
study carried out extensively by Chinese researchers,
such as Zhang &Ye (2003), Cao (2005) and Wang &
Shen (2006), has concentrated on the comprehen-
sive static and seismic behavior, especially for mem-
bers in structural systems, directly for engineering
applications.
The irregularity in cross section of special-shaped

column brings about disadvantages in mechanical
behavior, and leads to limitations in its seismic
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Figure 2. Joints in frame structure with special-shaped columns.

performance: only apply to 8-degree seismic fortifi-
cation zone (0.2 g) or below, and subjected to rigor-
ous applicable maximum building height restrictions,
compared with that of rectangular columns. These
limitations are based on the China National code –
Technical specification for concrete structures with
specially shaped columns (JGJ 149-2006/JGJ 514-
2006), which focuses on the special-shaped columns.
Scholars in China have engaged in research and

promotion of special-shaped composite columns to
improve their seismic behavior, e.g. CFST and steel
reinforced concrete (SRC) columns. Research on
special-shaped CFST columns have focused on post-
poning the buckling of steel tubes and the constraint
effect for concrete, therefore stiffeners were employed
in the special-shaped tube. Pulled binding bars by
Cai & He (2008) and ribs by Chen (2003) were
adopted in axially loaded test research on T-shaped,
L-shaped CFST stubs; bar stiffeners researched by
Wang et al. (2009) and Yang et al. (2010) were intro-
duced in static and pseudo static experiments, and
preliminary achievements were made. The research
mentioned above, nevertheless, is inadequate for engi-
neering application and complementary systematic
research should be carried out.
An experiment on T-shaped CFST columns sub-

jected to eccentric compressive load was carried out
in this paper. Tensile bar stiffeners were introduced in
CFST specimens to postpone the tubes’buckling. Fail-
ure modes and static behavior of the specimens were
investigated, and mechanical behavior of specimens
was properly evaluated.

2 EXPERIMENTAL STUDY

2.1 Details of specimens

An experiment on T-shaped columns subjected to
eccentric compressive load was carried out. Spec-
imens, basic information of which is summarized
in Table 1, consist of 4 eccentrically loaded spec-
imens. Except for specimen type, the eccentricity
parameter, deviating toward the web, was investigated.
Restricted by loading device and measuring appara-
tus, specimens were designed with similarity ratio of
1:2, with the length of specimens being 1500mm.
The cross sectional dimensions and constituents are
demonstrated in Figure 3.

Table 1. Parameters of specimens.

Eccentricity
Specimen Specimen type (mm)

TEC Reinforced concrete 50
TES Concrete-filled steel tube 50
TESS-1 Stiffened concrete-filled steel tube 25
TESS-2 Stiffened concrete-filled steel tube 50

To postpone or restrain local buckling of T-
shaped tubes, tensile bars as stiffeners were welded
on the internal tube surfaces and concave corners,
with longitudinal weld spacing of 100mm and with
cross sectional distribution shown in Figure 3c. The
tensile bar employs straight hot-rolled plane bars.
Holes, on the tube, with diameters slightly larger than
those of the stiffeners, were drilled and reserved for
the stiffeners to pass through and to be welded at
both ends.

2.2 Material properties

According to the Chinese National standard –
Metallic materials-tensile testing at ambient temper-
ature (GB/T228-2002), mechanical properties of the
steel plate and reinforcement bar were tested, and
their material properties are collected in Table 2 and
Table 3.

2.3 Experimental devices and
measuring apparatus

The experiment was carried out at the Structural
and Seismic Test Research Center, Harbin Institute
of Technology. A 500t computerised OSD hydraulic
pressure presswas used as the loading device, with two
articulated rigid loading pads at the top and bottom, in
which the bottom pad lifted the specimen and the top
kept motionless.
In the eccentrically loaded specimen experiment,

a knife-edge articulation system was sandwiched
between the loading pad and specimen, to simulate
articulated boundary conditions. The knife-edge artic-
ulation system consists of two close engaged parts:
one rigid steel plate with a centered triangular convex
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Figure 3. Cross-sectional dimensions of specimens.

Table 2. Material mechanical properties of RC specimens.

Longitudinal bar Stirrup
Concrete

Yielding strength Diameter Yielding strength Diameter Prismatic compressive strength
Specimen (N/mm2) (mm) (N/mm2) (mm) (N/mm2)

TEC 353 12.1 373 6.5 37.5

Table 3. Material mechanical properties of CFST specimens.

Steel tube Stiffener
Concrete

Yielding strength Thickness Yielding strength Diameter Prismatic compressive strength
Specimen (N/mm2) (mm) (N/mm2) (mm) (N/mm2)

TES 315 3.49 — — 37.5
TESS-1/2 315 3.49 304 8.0 37.5

Figure 4. Loading devises and measuring apparatus in eccentric compressive test.

fixed on the loading pad and another rigid steel plate
with saw-tooth triangular concaves fixed on the spec-
imen. The magnitude of eccentricity is adjusted with
different engaged location of triangular convex on the
saw-tooth triangular concaves (shown in Figure 4).

The actual load was real-time monitored on the
pressure press and recorded every loading step. Dis-
placement sensors were arranged to measure vertical
displacement (shown in Figure 4). Five dial gauges
were arranged in a deforming plane, quartering the
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